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CHAPTER 1 
INTRODUCTION 
The work described in this report was undertaken to understand, experi-
mentally, the effect of a shear wall on the earthquake response of a reinforced 
concrete structure. 
The effectiveness of structural walls as an earthquake resistant element 
was recognized in the damage observation of buildings after the 1923 Kanto 
earthquake in Japan. More recently, the 1972 Managua earthquake revealed an 
interesting contrast in the behaviour of a ductile moment-resisting frame 
structure and a combined shear wall-frame structure (Sozen and Mathiesen, 
1975). The damage of architectural elements within a structure was limited 
by the existence of structural walls. 
Small-scale three-storey reinforced concrete frames with and without a 
slender shear wall were tested on the University of Illinois earthquake simu-
lator. The base motion, simulating one horizontal component of observed 
California earthquakes, was strong enough to cause yielding of the. test 
structures. The test structures withstood a series of intense base motions 
without IIcollapse ll • The shear wall failed in sliding shear at the base after 
the flexural yielding and crushing of concrete. 
The observed response waveforms were visually stUdied. Effective period 
of oscillation was estimated by counting the number of zero-axis crossings 
and also by analyzing the input and response signals by the linear system 
transfer function. The effective damping values are evaluated from the ob-
served response signals. 
The frame structures experienced much larger deformation than the shear 
wall-frame structure under the same intensity base motion. However, the 
2 
effectiveness of the shear wall was reduced after the extensive damage at 
the base. 
The frame structure was analyzed by the computer program SAKE (Otani, 
1974), which assumed all the inelastic deformation to take place at the member 
end. The reliability of such modelling was found insufficient when the 
intensity of base motion was not large enough to cause extensive yielding 
within a structure. On the other hand, the IIproper" linearly-elastic model 
was very effective in simulating the observed response of a test structure at 
various stages of damage. 
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CHAPTER 2 
OUTLINE OF EXPERIMENTAL WORK 
2.1 Introductory Remarks 
Reinforced concrete structural models (Figs. 2.1 and 2.2) were tested to 
failure on the University of Illinois Earthquake Simulator (referred to as the 
earthquake simulator; Sozen et al,1969, Sozen and Otani, 1970). Two types 
of structures were tested: (a) two structures (frame structures Fl and F2) 
each consisting of two identically designed three-story one-bay frames; and 
(b) two structures (shear wall-frame structures Sl and S2) each consisting of 
two three-story one-bay frames, identical to (a) above, and one three-story 
slender shear wall. The test structures were subjected to a series of scaled 
simulated earthquake motions in one horizontal direction. The test structures 
represented approximately one-sixth scale models of arbitrary full-scale 
three-story reinforced concrete structures. 
Lineal, time and force scales were chosen such that acceleration and 
stress in a full-scale and a test structure are comparable. Scale factors 
were chosen to be 1/2.5, 1/(2.5)2, and 1/(2.5)4 for time, length a~d force, 
respectively, so that a test structure could be severely damaged within the 
capacity of the earthquake simulator. By this scaling method, a test struc-
ture carried floor weight per unit area comparable to a full-scale structure, 
developing a comparable overturning effect of gravity loads through sidesway 
displacement (the P-6 effect). Velocity in a test structure was 2.5 times 
larger than that in a full-scale structure. 
2.2 Test. Structures 
An effort was made to construct a test structure in accordance with the 
assumptions generally adopted in a design analysis rather than to construct a 
realistic model of an actual structure. 
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The constituent structures (frames and a wall) were connected at the 
three beam levels to rigid steel weights by mechanical hinges such that all 
constituent structures would experience the same horizontal floor displace-
ments, but that independent rotations could take place at the connections. 
The mechanical hinges were placed close to beam-column connections of frames 
and close to the center of a wall. Therefore, the imaginary floor slab of a 
test structure may be considered to be very flexible in flexure, but rigid 
in its own plane. The weight of a steel rig and the portion of a structure 
at each beam level was approximately 1,970 lb. (8.77 kNJ. 
The frames and walls were provided with rigid base girders to simulate 
a rigid foundation. Such support conditions may not exist in an actual 
building. However, a realistic modelling of foundation was not practical for 
an earthquake simulator test, and might have obscured the objective of the 
test to understand the behavior of a structure. 
A wall-frame test structure thus designed could be idealized by a mathe-
matical model shown in Fig. 2.3, except for the axial force in columns. The 
columns of a test structure carried the dead weight. A pair of frames; with 
or without a wall, were tested in order to p.rovide stiffness and stability 
in the direction perpendicular to the base motion. 
The fundamental information about the constituent structures is des-
cribed separately for a frame and a shear wall. Details of the test structures 
are described in Appendix A and B. 
(a) Frame 
Each test frame (Fig. 2.4) consisted of three beams of identical section 
properties and length, and of two uniform columns continuous from the base to 
the top of a frame. 
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The distance between the two column center lines was 36.0 in. (915 mm). 
The dimensions of a column (Fig. 2.5) were 2.0 by 2.0 in. (51 by 51 mm) with 
gross reinforcement ratio of 2.5 per cent. The dimensions of a girder were 
2.0 by 3.0 in. (51 by 76 mm) with gross reinforcement ratio of 1.7 per cent. 
Clear story height was 15.0 in. (381 mm). 
Small aggregate concrete was used in all test structures. The average 
compressive strength, f~, of concrete determined from 4 by 8 in. (102 by 
203 mm) cylinders was: 
f~ = 4,950 psi (34.1 MPa) 
The average yield and ultimate strengths, fy and fsu ' of a longitudinal bar 
(No.2 deformed bar with a nominal area of 0.05 in.2 or 32 mm 2 ) were: 
fy = 43,000 psi (296 MPa) 
fsu = 66,000 psi (455 MPa) 
Each longitudinal reinforcement was provided with anchorage length 
sufficient to develop its ultimate stren~th. All frame members and connec-
tions were reinforced by stirrups and ties (No. 14 gauge wires) to'develop 
their flexural strengths without premature shear failure. 
(b) Wa 11 
The dimensions of shear wall (Fig. 2.6) were 11.0 in. (279 mm) wide, 
1.0 in. (25 mm) thick and 58.0 in. (1470 mm) high, with a gross reinforce-
ment ratio of 1.5 per cent. Floor levels of the shear wall were defined by 
the levels corresponding to the mid-height of frame girders. 
Average properties of concrete and longitudinal reinforcement (No.8 
gauge wire with a nominal area of 0.021 in.2 or 13.6 mm 2 ) were: 
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fl = 6,760 psi (46.6 MPa) c 
fy = 43,900 psi (302 MPa) 
fsu = 53,700 psi (370 MPa) 
Lateral reinforcement consisted of No.8 gauge wires placed at 1.0 in. 
(25.4 mm) on centers. This amount of lateral reinforcement is sufficient to 
prevent premature diagonal shear failure. 
2.3 Base Motions 
The test structures were subjected to base motion in one horizontal 
direction. The earthquake simulator could reproduce, within a range of 
structural engineering interest, scaled acceleration histories with charac-
teristics quite similar to those of the input earthquake records (Sozen and 
Otani, 1970). The NS component of the 1940 IIEl Centro" record (Imperial 
Valley earthquake) and the N21E component of the 1952 "TaftDl record (Kern 
County earthquake) were chosen for the tests. 
The time axis of the earthquake records was compressed by a factor of 
2.5 in accordance with the scaling method used in the design of a test-struc-
ture. The amplitudes of base motion were scaled arbitrarily. The intensity 
was approximately doubled after each test run until the capacity of the 
earthquake simulator was reached. The-base motion during the tests are 
summarized in Table 2.1. The spectral intensity tHousner, 1952) at a 20 
per cent of critical damping factor was used to define the intensity of base 
motion. The range of period of 0.04 to 1.0 sec. was used to compute a 
spectral intensity. 
It may not be pertinent to use the same earthquake acceleration waveform 
pattern to simulate ground motions of different intensity levels. The 
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I frequency content and amplitude distribution of the waveform might depend 
on the intensity of earthquakes attributable to nonlinear behavior of soil 
and foundation. Such information was not available at the time of testing. 
2.4 Instrumentation 
Two types of sensors were used during each run of the tests to record 
the behavior of test structures; servo accelerometers and displacement trans-
ducers. Displacement response was measured at the three girder levels of 
the two frames with respect to rigid steel reference frames rigidly fastened 
on to the earthquake simulator platform. Absolute acceleration response 
was measured at the three levels on the rigid steel weights, on a shear wall 
and on a frame. The base motion was measured by servo accelerometers at-
tached to the ba'se girders of the two frames. The details of instrumentation 
are described in Appendix c. 
The signals from all sensors were digitized at 2-msec intervals by the 
data reduction system in the Department of Civil Engineering, University of 
Illinois. 
Base shear and overturning moment signals were constructed from syn-
chronized digitized acceleration signals at the three levels, the weights at 
the three levels, and the story heights. The overturning effect of gravity 
loads through sidesway (the P-6 effect) was not included in this computation. 
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CHAPTER 3 
CHARACTERISTICS OF TEST STRUCTURES 
3.1 Introductory Remarks 
Behaviour of a structure during an earthquake depends on the character-
istics of both structure and base motion. This chapter describes the informa-
tion about the test structure and the earthquake motion used. The test 
structures were designed to behave dominantly in a flexure mode, being pre-
vented from diagonal shear failure and anchorage failure. 
In addition to flexural deformation within a member, the deformation of 
beam-column connections contributes to the deflection of a structure in the 
following manner: (a) shear deformation of a beam-column connection panel 
zone, (b) elongation and compression of reinforcement (bar slip) within a beam-
column connection, and (c) indentation of compressive concrete into a beam-
column connection. Although the importance of deformation in a beam-column 
connection was pointed out by various investigators (for example, H. Umemura 
et a1., 1970; M.A. Sozen, 1971; S.M. Uzumeri and M. Seckin, 1974; Bertero et al., 
1975), no theories have been formulated about a method of evaluating the de-
formation of a beam-column connection beyond linearly elastic limit. 
3.2 Idealized Material Properties 
The stress-strain relationships were idealfzed by simple mathematical 
functions on the basis of observed average properties of the materials in order 
to study flexural stiffness characteristics of members. Stress-strain relations 
of concrete and steel measured in the tests of coupon specimens are described 
in Appendix B. Typical -numerical values are summarized in Table 3.1. 
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(a) Concrete 
Idealized stress-strain curves of the concrete under constantly increas-
ing compressive stress have been proposed by many investigators (Hognestad, 
1951, pp. 29-43). A parabola combined with a straight line was adopted in 
the analysis (Fig. 3.1). Accordingly, 
fc = 0 E < Et c -
fc = f' [2(Ec /Eo) - (EC I EO) 2] Et < E < E C - C - 0 (3. 1 ) 
fc = f' [1 - 250 (E - E )] EO ~ EC C C 0 
but fc not less than 0.2 f~. 
and 
Et = E {l - / 1 - (f tlf ~ ) } 0 (3.2.a) 
ft = 6.0 ~ c (3.2.b) 
where 
fc = stress of concrete; 
f' 
c = compressive strength of concrete; 
f t = tensile strength of concrete; 
EC = strain of concrete; 
EO = strain at which f~ is attained. 
The value of strain EO was not taken directly from compressive tests of 
concrete cylinders, but rather was adjusted so that a strain from Eq. (3.1) at 
70 per cent of compressive strength should coincide with the measured strain 
at the same stress (Otani and Sozen, 1972). The value of compressive strength 
was taken from 4 by 8 in. (102 x 203 mm) cylinders. Tensile strength was 
determined from splitting tests of 4 by 8 in. (102 by 203 mm) cylinders, and 
was approximated by Eq. (3.2.b) on the basis of the test results. As the 
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concrete in a structure was not confined by lateral reinforcement, a rela-
tively higher value was chosen for the slope of descending part (Fig. 3.1). 
(b) Reinforcing Steel 
A piecewise linear stress-strain relationship was assumed for the rein-
forcing steel (Fig. 3.2). Accordingly, 
fs = Es E ES < E S - Y 
fs = f E < E < E h Y Y - s - s 
... (3.3) 
fs = fy + Esh (ES - Esh ) Esh ~ ES s. ESU 
fs ::: fsu ESU ~. ES 
in which 
fs = stress of the steel; 
fy = yield stress of the steel; 
fsu = ultimate stress of the steel; 
£s = strain of the steel; 
£y = yield strain of the steel; 
£sh = strain at which strain hardening commences; 
£su ::: strain at which fsu is attained; 
Es = elastic YoungBs modul us of the steel (=29,000,000 psi, 200 GPa); 
Esh ::: modulus to define stiffness in strain hardening range. 
The stress-strain relationship of the stee~ was assumed to be symmetric 
with respect to the origin of the relationship. 
3.3 Computation of Moment-Curvature Relationship 
Moment-curvature curves for a constantly increasing load were computed 
on the following assumptions: (a) linear strain distribution over a given 
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member section, (b) idealized stress-strain relations of the materials, and 
(c) equilibrium of internal stresses with given external forces. 
Computed moment-curvature curves for beams and columns (Fig. 3.3 and 
3.4) are characterized by three segments: (a) a linear segment up to flexural 
cracking, (b) a curve segment after flexural cracking to yielding, and (c) a 
slightly curved portion after flexural yielding to arbitrarily defined 
failure. A shear wall section showed a gradual change in the slope of the 
moment-curvature diagram after the yielding of the outermost reinforcement 
(Fig. 3.5). 
Although a reinforced concrete section is often assumed to fail when the 
extreme compressive fiber strain reaches a limiting value of 0.003 or 0.004, 
many experimental investigators (for example, Blume, Newmark and Corning, 1961; 
Chan, 1962; Baker and Amarakone, 1964; Mattock, 1964; Corley, 1966) observed 
that the rotational capacity computed from such theoretical moment-curvature 
relation usually underestimates the observed deflection. 
An empirical expression was proposed by Corley (1966) to estimate a 
realistic limiting compressive concrete strain ECU= 
in which 
b = width of a beam; 
z = distance along the span from section of maximum 
moment to adjacent section of zero moment; 
pll = ratio of volume of binding steel to volume of 
concrete bound; 
f = yield point stress of reinforcement in ksi. y 
... (3.4) 
The expression was reported to reflect the influence of member size. 
Limiting compressive concrete strains of a beam, column and shear wall 
were evaluated by Eq. 3.4: 
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s = cu 
0.006 for a beam; 
s = cu 
0.008 for a column; 
s = 0.004 for a wall. cu 
In the evaluation of distance z, the location of an inflection point needs be 
known. The inflection point was assumed to locate at the mid-span (height) 
of a beam and a column. The location of the inflection point of a wall arbi-
trarily assumed to be at the second beam level. Under equal lateral loads 
at the three floor levels, if the first story moment diagram was extended, 
the line of the moment distribution crossed the zero axis approximately at 
the second floor level. The value of pll was taken to be zero because no 
binding steel was provided in any member. 
Note that the limiting curvature of a beam and column section increases 
greatly as shown in Tables 3.2 and 3.3 if such large limiting compressive 
concrete strains are used. 
3.4 Computation of Force-Deflection Relationship 
Deflection of a member can be theoretically computed from a moment-
curvature relationship and a given moment distribution. The test structure 
was designed such that the moment distribution would be almost linear along 
any member during a test. Consequently, the force-deflection relationship 
was studied for a cantilever beam, which consisted of a portion between the 
member end and the inflection point of a member. The length of a cantilever 
beam was taken as one-half of the clear length of a member. 
The computed deformation on the basis of a computed moment-curvature 
relationship usually can not reconcile an observed deformation capacity of a 
reinforced concrete beam when subjected to a moment gradient along the member 
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(Mattock, 1964; Corley, 1966). Corley (1966) proposed an empirical equation 
to estimate a realistic rotational capacity of a simply supported reinforced 
concrete beam. The expression can be interpreted and used to evaluate a 
limiting displacement 0tu of a cantilever beam as follows: 
in which 
8 
u = ¢u (d/2) - ¢y (d/2) (My/Mu) 
(1 + 0.4 z/d 3/2) 8 
u 
M z2/3E1 + 8t .z u u 
8U = inelastic rotation at ultimate occurring 
within a length d/2 to one side of the section 
of maximum moment; 
¢u = computed curvature at ultimate; 
¢y = computed curvature at yielding; 
d = effecti ve depth of a secti on; 
My = computed moment at yielding; 
Mu = computed moment at ultimate; 
E1 = initial flexural rigidity of a member. 
... (3.5) 
Free end displacement of cantilever beams was computed (a) by integrating 
computed curvature along the cantilever (Otani and Sozen, 1972) using a limit-
ing strain suggested by Corley, and (b) by the Corley's empirical expression 
(Eq. 3.5). The Corley·s empirical expression is not applicable for a column. 
However, the amount of axial force in a first story column was less than 5 
per cent of the ultimate axial load carrying capacity, and the effect of the 
axial load was expected to be small. Consequently, Eq. (3.5) was also used 
for the columns. Note in Fig. 3.6 and 3.7 that the integrated displacement 
at ultimate is much smaller than the one computed by Eq. (3.5), although the 
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Corley·s expression was reported to"be conservative. The evaluation of such 
a realistic displacement capacity is important in a design process to examine 
if a structure can survive a given design earthquake motion without failure. 
Figures 3.6 and 3.7 indicate that frame members in a test structure can de-
form as much as 9 to 10 times yield displacement. 
3.5 Computation of Rotation Due to Bar Slip 
Displacements discussed in Section 3.4 do not include the deformation 
due to the slip of tensile reinforcement along its embedded length. Unlike 
in a simply supported beam loaded at the mid-span, the stresses in the rein-
forcement are gradually transferred to the concrete in a beam-column joint. 
Following simplifying assumptions were used (Otani and Sozen, 1972) to 
describe a member end moment-rotation relationship due to bar slip: 
(a) Bond stress between reinforcement and concrete was constant along 
the development length. In other words, the steel stress at the face of a 
beam-column connection decreased linearly. 
(b) Reinforcement was provided with sufficient embedment length at 
member ends. 
(c) Bar slip of compressive reinforcement and indentation of compressive 
concrete into a beam-column connection were small. 
(d) The stress in tensile reinforcement was approximately proportional 
to existing bending moment. 
The rotation e due to bar slip was then expressed as a function of a 
member end moment as follows: 
.... (3.6) 
in which: 
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db = diameter of a reinforcing bar; 
fy = yield stress of a reinforcing bar; 
Es = Young's modulus of a reinforcing bar; 
u = bond stress; 
d - d I = di stance between tens i 1 e and compress i ve 
reinforcing bars; 
M = existing member end moment; 
My = yield moment at member end. 
Value of average bond stress was arbitrarily taken, irrespective to the 
stress level of reinforcement, as 
u = 6.5 ~ 
c 
... (3.7) 
in the study. 
If numerical values were substituted into Eq.(3.6) following expressions 
were obtained for beam end rotation eb: 
and for column end rotation e : 
c 
(3.8.b) 
The actual rotation at a beam-column connection due to bar slip of rein-
forcement would be quite different from the rotations expressed by Eq.(3.8). 
For example, the sufficient anchorage length could not be provided to column 
reinforcement within a beam-column connection. The distribution of bond 
stress was not uniform. The assumed perfect bond might not be developed if 
the load was reversed at a high intensity. 
At the yielding of tensile reinforcement of a 17.0 in. (432 mm) long 
cantilever beam, Eq. 3.8 computes a deflection of 0.0371 ~n. (0.94 l11l1) at the 
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free end. The corresponding flexural deformation was calculated to be 
0.082 in. (2.08 mm). It is important to note a significant contribution of 
bar slip to the deformation of a structure. 
3.6 Linearly Elastic Dynamic Characteristics 
Vibration characteristics of a test structure as a linearly elastic 
system are studied in terms of modal vibration frequencies, mode shapes and 
stress distributions. 
Following assumptions were made in the analysis to idealize a test 
structure by a mathematical model: 
(a) The frames and' shear wall were represented by two-dimensional 
structures, fixed at their base on a rigid foundation, having massless line 
members (Fig. 3.8). 
(b) Component structural units (frames and shear wall) were connected 
to masses at beam levels by rigid massless truss members. 
(c) Flexural and shear deformations were considered for 'a member, axial 
deformation being neglected. Beam-column connections (portion common to 
beams and columns) were assumed to be rigid. Rotations due to bar slip were 
not cons; det"'ed because the bar 51 ippage was small at a low stress level. 
(d) Flexural rigidity of members was evaluated for uncracked transformed 
sections and fully cracked sections. The former flexural rigidity was taken 
as the initial slope of a moment-curvature diagram before flexural cracking. 
The latter was taken as the slope of a line connecting the origin and the 
yield point in a moment-curvature diagram (Fig. 3.9). 
A close observation of a test structure prior to a test revealed 
scattered fine cracks due to accidental shocks applied to the test structure 
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when steel weights were attached to the test structure, and due to shrinkage 
of concrete. Therefore, the actual stiffness of a test structure before 
the first test run must have been between the ones defined by uncracked and 
cracked sections. 
In a shear wall-frame structure, fully cracked stiffness was not adopted 
in the third story of a shear wall because it was unlikely for the third story 
to be fully cracked without yielding in the first story base. 
A floor weight of 1,970 lb. (8.77 kN) was assumed at each beam level. 
Dynamic analyses of the test structure were made by computer program SUSHI 
(Otani, 1973). Vibration frequencies and mode shapes are summarized in 
Tables 3.5 and 3.6. As the rotational inertia was not considered ·at struc-
tural joints, the mathematical model had three degrees of freedom. Mode 
shapes of vibration were normalized to have unit participation factor. 
If the acceleration response amplitudes were assumed to be the same for 
the three modes, bending moment of any member under the first mode oscillation 
is three and ten times more than that under the second and third mode oscil-
lations. 
3.7 Elastic Response to El Centro Base Motion 
Linearly elastic response of idealized test structures to a scaled 
El Centro (NS) 1940 earthquake record was computed in order to study the 
strength of the test structure relative to this particular earthquake motion. 
The El Centro record was chosen because the record has been most extensively 
used in the dynamic analyses of structures. 
The time axis of the E1 Centro (NS) 1940 record was compressed by a 
factor of 2.5. The acceleration amplitude was kept the same as the original 
record. 
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The response spectra of the sca)ed El Centro is shown in Fig. 3.10. 
For the mathematical models (uncracked and cracked), the modal absolute 
acceleration amplitudes are comparable. 
Maximum member forces were evaluated by the spectral modal analysis 
(the square root of the sum of the squares of the maximum modal response; RSS). 
A damping factor of 5% of critical was assumed for all modes. Table 3.7 
lists maximum moments and shears in the frame structure. The yield moment of 
each member is also shown. An intensity corresponding to one-third of the 
El Centro motion is sufficient to cause yielding at the ends of the first 
level beam of an uncracked frame structure. The member moments are larger 
than or comparable to the yield moment in any member under the El Centro 
motion. One-half intensity of the El Centro motion is necessary to develop 
yielding at the ends of the first level beam of a fully cracked frame structure. 
Therefore, if we boldly assume that design forces could be taken as 
one-third of the elastic response values relying on inelastic energy dissipa-
tion and ductile behavior of the structure, the test frame structure could 
be thought to have been designed for the earthquake intensity at least ·equiva-
lent to the El Centro motion. 
For a shear wall-frame structure (Table 3.8), the base of the wall yields 
at an intensity approximately 40% of the El Centro motion for both cracked 
and uncracked stiffnesses. Most frame members and the wall above the first 
story will experience stresses less than yield level during the E1 Centro 
motion. The shear-wall frame test structure can also be thought to have been 
designed for an intensity of base motion equivalent to or higher than the 
El Centro motion. Under such a design earthquake motion, the shear wall is 
expected to yield at its base. Note that three-quarters of base shear is 
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carried by the shear wall. Actual evaluation of design earthquake intensity 
is more complicated by the usage of load factors, capacity reduction 
factors, and a method to reduce elastic seismic load relying on inelastic 
energy dissipation and ductile structural behavior. 
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CHAPTER 4 
OBSERVED BEHAVIOUR OF FRAME STRUCTURES 
4.1 Introductory Remarks 
Observed behaviour of the test structures to simulated earthquake motions 
is described separately for frame structures (F1 and F2) and shear wall-frame 
structures (Sl and S2). 
Behaviour of the test structures was studied through the observations 
about (a) response waveform recorded, (b) frequency and damping of oscillation, 
(c) maximum response, and (d) damage within the test structures. 
Most of the observation was similar to that made in the previous series 
of tests on the three-storey one-bay frame structures (Otani and Sozen, 1972). 
Damping factors and periods of oscillation were estimated from response 
waveforms observed during the tests. However, it is not the intention of 
this report to suggest any value of damping factors and periods for use in 
.design. The periods and damping factors reported here should be considered as 
indeces for a degree of damage because these values were a direct product of 
an assumption that the behaviour of a test structure was nearly linearly 
elastic. However, it was obvious that the structure experienced cracking and 
yielding even from the lowest intensity test run. The construction of an 
equivalent linearly elastic model to replace the nonlinear test structure was 
not attempted in this report. Further research is needed to find a way to util-
ize such indeces in an actual design work. 
4.2 Base Motions 
The base motion simulated on the earthquake simulator platform is desired 
to be reasonably similar to an "earthquake ll motion. As a measure to judge the 
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goodness of simulation, the acceleration waveforms observed on the earthquake 
simulator platform and their linearly elastic response spectra were studied. 
Base acceleration signals were measured, during each test run, on the 
stiff base girders of both frames of a test structure. The two acceleration 
waveforms measured on the two base girders were almost identical in each test 
run. Therefore, an acceleration signal from a frame base girder is used for 
discussion. 
The E1 Centro (NS) 1940 record was used in tests Fl and F2. The time axis 
of the record was compressed. by 2.5 to be consistent with the scaling method 
of a test structure (referred to as scaled El Centro record). The intensity 
of the record was varied from one test run to another. 
The observed base acceleration waveforms are compared with the scaled 
E1 Centro record in Figs. 4.1 and 4.2. Note a close reproduction of the input 
acceleration waveform pattern on the earthquake simulator platform. The 
ordinates of the records are not the same in the figures because the intensity 
of excitation was varied from one test run to another. 
The frequency characteristics of the observed acceleration records are 
shown in Fig. 4.3 in a form of response spectra. The.amplitudes of the response 
spectra are different in the four response spectra due to different levels of 
excitation. 
The intensity of base motion in test Fl was doubled after each test run. 
Figure 4.4 compares the response spectrum of the scaled El Centro (NS) 1940 
record with those of base motion observed during test runs F1-1, Fl-2, and Fl-3. 
Note the similar shapes of the four response spectral curves, especially in a 
frequency range from 1.0 to 15 Hz. The spectral intensity (Section 2.3) of 
the scaled El Centro is 5.2 in., which is larger than that of the test Fl-l 
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base motion (4.2 in.) and smaller than that of the test Fl-2 base motion 
(8.5 in.). The test structure was designed for the earthquake intensity roughly 
comparable to the scaled E1 Centro as discussed in Section 3.7, the intensity 
of base motion in test run F1-1 is comparable to the intensity of design earth-
quake. It is interesting to note in Fig. 4.4 that the amplitudes of spectral 
response were approximately doubled over an entire frequency range after each 
test run. 
Figure 4.5 compares the response spectrum curves of the scaled E1 Centro 
record and observed base motion during test run F2-1. A close resemblance is 
observed in the shape of the two curves. The spectral intensity of the observed 
base motion is 18.1 in., which is approximately 3.5 times as large as that of 
the scaled E1 Centro record. 
4.3 Response Waveform 
The test structures withstood the base motion more than three times as 
intense as the "design" earthquake motion without collapse. This section des-
cribes the observed response waveforms: (a) displacement signals at the three 
levels relative ot the base, (b) absolute acceleration signals at the three 
levels, and (c) base shear and overturning moment signals constructed from the 
absolute acceleration signals. 
Horizontal displacements of each test frame at the three beam levels were 
measured relative to the reference steel frame. The displacements of the base 
girder of the two test frames were also monitored relative to the same reference 
steel frames. The measured base signals relative to the base of the reference 
steel frame were so small (less than 0.002 in.) that the displacements at the 
three levels were assumed to represent the displa"cements of the three levels 
23 
relative to the base of a test structure. The displacement signals of a beam 
level on the two different frames were almost identical in amplitude and wave-
form, which indicated that the motion was dominantly translational in the 
direction of base motion. 
Horizontal absolute accelerations of the two frames and of the three 
steel weights were measured at the three beam levels. The acceleration signals 
of a level measured on the two frames and the steel weight were almost identi-
cal, which indicated that the steel weight was tightly connected to the two 
test frames without slippage. 
The displacements and accelerations measured on a test frame are discussed 
in this report. The zero axis of each signal was determined by taking the 
average of the digitized signal over a 2.0 to 3.0 sec. period prior to the 
start of base motion. 
"Base overturning moment" and "base shear" signals were constructed from 
the synchronized absolute acceleration signals at the three beam levels and 
the total weights of the steel loading rigs and the test structure. The base 
shear was defined as the sum of inertia forces of an entire test structure 
acting at the three beam levels. The base overturning moment was computed as 
the sum of moments due to the inertia forces about the base of the test struc-
ture. The base of the test structure was assumed to be at the bottom of the 
first storey column. The overturning effect of gravity loads acting through 
the sidesway (the P-t effect) was not included in the base shear and moment 
signals. 
The response waveforms observed and constructed are plotted in Figs. 4.6 
through 4.9. Subjective observations were made on the response waveform. All 
waveforms (base acceleration, base shear, base overturning moment, three 
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accelerations and three displacements) are synchronized, with respect to a 
common signal, within a test run as well as among the test runs. In other 
words, the base motions of all test runs start and peak at the same time co-
ordinates. 
The phase relationship of signals measured at the three beam levels is 
described by the term "mode ll • Similar to the mode shape of a linearly elastic 
structure, IIfirst mode ll implies that all three beam level signals oscillated 
in the same phase. "Third mode" implies that only the first and third level 
si~nals were in phase. Existence of such modes and frequencies associated 
with three modes was observed during test runs, although the frequencies and 
amplitude distributions (mode shapes) changed with time (Otani and Sozen, 1972). 
Absolute Acceleration Waveform: The acceleration signals contain high fre-
quency components and look rugged. The contribution of higher "mode" oscilla-
tions is larger at the lower levels. With an increase in the intensity of 
excitation, higher mode oscillations become dominant even at the third level 
(Figs. 4.10 and 4.11). The maximum accelerations at the three levels occurred 
at different moments. Although it is not immediately discernible from the 
three acceleration signal plots, the three signals were found to contain common 
dominant frequencies, corresponding to the three modes of oscillation. The 
frequencies varied with time during a test run. This phenomenon may be under-
stood from the analytical viewpoint if we consider mode shapes and frequencies, 
at each moment, defined by the constant mass distribution and instantaneous 
stiffness of the test structure. 
Displacement Waveform: The maximum response of the three displacement sig-
nals occurred approximately at the same time. The three signals oscillated in 
the same phase and in the IIfirst mode". The amplitude of oscillation increased 
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with height, which conforms to a general shape of the first mode oscillation. 
The amount of residual displacement increased with an increasing intensity of 
the base motion (Fig. 4.12). The large residual displacements seemed to have 
been caused by a large oscillation at around 2.5 sec. in Figs. 4.6 through 4.9. 
Base Shear Waveform: It should be noted that the base shear signal is 
proportional to the sum of the acceleration signals at the three beam levels, 
because the masses at the three levels were of the same value. A relatively 
smooth base shear signal obtained by summing rugged acceleration signals indi-
cated that there existed frequencies common in the three acceleration signals. 
If there existed, in the three acceleration signals, local high frequency 
oscillation or noise signals, such a smooth base shear waveform would not have 
resulted. 
With an increase in the intensity of base motion, the second mode component 
, 
became more noticeable (Fig. 4.13). The maximum response of base shear 
occurred approximately at the same time as the displacement signals. The base 
shear and first level displacement signals durin~ test F2-1 were synchronized 
and plotted in Fig. 4.15. After smoothing, a relatively well defined hysteresis 
relation was obtained. First level displacement of a frame structure was 
closely related to the force acting in the first storey column. A similar 
attempt to plot the base shear signal vs. the third level displacement signal 
was not successful. 
Base Overturning Moment Waveform: The overall shape of a base overturning 
moment signal is similar to that of the third level displacement signal: smooth 
and dominated by the first mode oscillation. The maximum response of base 
moment occurred roughly at the same time as the displacement signals. With an 
increase in the intensity of base motion, the period of oscillation became 
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longer, and the waveform became irregular (Fig. 4.14). Note that the smooth 
base overturning moment waveform was constructed as the weighted sum of the 
rugged absolute acceleration Signals at the three levels. 
Zero Crossings: The number of zero axis crossings of a signal provides a 
smeared period of oscillation if the signal is relatively regular. Since the 
base overturning moment signal was observed to be relatively harmonic and 
oscillated evenly about its zero axis, the number of zero axis crossings was 
counted for the base overturning moment signal over a 12.0 sec. duration. 
The natu'ra 1 peri ods of the test structure computed on the bas is of un-
cracked and cracked stiffness are 0.174 and 0.287 sec., respectively. The 
number of zero axis crossings counted are listed below, and "smeared" periods 
of vibration were evaluated. 
Test F1 Test F2 
Run 1 Run 2 Run 3 Run 1 
Number of Crossings 69 53 36 45 
Smeared Period, sec. 0.35 0.45 0.67 0.53 
If the intensity of base motion in test run F1-1 is assumed to be comp~rable 
to that of design earthquake (Section 3.7), the apparent period of vibration 
can be twice as long as that computed on the basis of the uncracked stiffness. 
In other words, the stiffness of a structure can be reduced to a quarter of 
the initial stiffness. 
Free Vibration: First mode frequencies and damping factors were estimated 
from free vibration portion (immediately after 11.50 sec.) of the base over-
turning moment signal. The average over 3 cycles of oscillation was used to 
estimate a damping factor by the logarithmic decrement. The free vibration 
part was dominated by the first mode oscillation. The values are listed below: 
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Test Fl Test F2 
Observed Value: Run 1 Run 2 Run 3 Run 1 
Frequency, Hz. 3. 1 2. 1 1 .4 1 .5 
Period, sec. 0.33 0.48 0.69 0.65 
Damping Factor 0.06 0.07 0.07 0.09 
The period observed after a test run was similar to those estimated by the 
number of zero-axis crossings. 
It is interesting to note that the damping factors estimated from free 
vibration portion signals of different test runs were comparable. This may 
be attributable to the fact that the amplitudes of a signal analyzed were 
comparable among signals and less than one-fourth of the maximum amplitude 
during a test run. 
4.4 Apparent Damping Factors 
One of the interesting opportunities of earthquake simulation in the 
structural laboratory is to have an access to both input base acceleration 
signal and response signals of a test structure. If the behaviour of a test 
structure is linearly elastic throughout a test run, the modal frequencies 
and damping factors can be estimated from test data. 
Although it is obvious that the behaviour is not linearly elastic, the 
1 inear system transfer funct"ion theory was used to estimate an apparent 
damping factor of the first mode. The method and background theory has been 
presented by G.e. Hart and R. Vasudevan (1975), and described in Appendix D. 
Apparent first mode frequencies determined from the three level transfer 
functions were almost identical in each test run. Estimated damping factors 
are listed below. 
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Test Fl Test F2 
Estimated Value: Run 1 Run 2 Run 3 Run 1 
Frequency, Hz. 2.56 2.0.8 1 .40. 1.40. 
Period, sec. 0..39 0..48 0..71 0..71 
Damping Factor 0..0.5 0..0.7 D. 15 0..17 
The estimated periods of vibration are comparable to those found from the 
number of zero-axis crossings during a test run and the free vibration portion 
signal. 
The estimated damping factors have values comparable to those found by " 
the logarithmic decrement method using the free" vibration portion signals of 
tests Fl-l and Fl-2. However, the estimated damping factors of tests Fl-3 and 
F2-1 are almost twice as large as those found by the logarithmic decrement. 
These large values may be attributable to the fact that the frequencies of 
vibration in the response signals in tests Fl-3 and F2-l changed constantly. 
For such a signal, the application of the linear system transfer function theory 
must be cautioned. 
Although damping factors were estimated for the test structures, such 
values may not be .recommended for use without examination because the damping 
factor is closely associated with the stiffness. The usage of a damping factor 
estimated in a damaged state of a structure in conjunction with the stiffness 
evaluated on the basis of uncracked section is not consistent. 
Apparent mode shapes for the first mode estimated by the linear system" 
transfer function theory are listed below. 
Test Fl Test F2 
Mode Shape: Run 1 Run 2 Run 3 Run 1 
y 
1 <P 31 1.20 1 . 18 1 . 17 1.24 
Y1 <P 21 1.0.2 1.0.4 1.0.5 0.94 
Y1 <Pll 0.50 0..49 0..51 0.56 
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The shape indicated large inter-storey displacements in the first and second 
stories, in which extensive damage was observed during the test. The mode 
shapes thus determined are compared with the deformed shapes at the maximum 
deflection during a corresponding test run in Fig. 4.16. The mode shape was 
normalized to the observed maximum displacement at the third level. The mode 
shapes show a general trend similar to the observed deflected shapes; i.e., 
large deformation took place in the lower two stories. 
4.5 Maximum Response Values 
The maximum values of each response signal were automtica1ly picked up 
during data processing on a digital computer, and were plotted with respect to 
the spectral intensity (Section 2.3) of base motion in Figs. 4.17 through 4.20. 
The maximum response of base shear, base overturning moment, and displacement 
signals in a test run occurred roughly at the same time. 
Maximum base shear and base overturning moment response values are compar-
able among the four test runs (Figs. 4.17 and 4.18), indicating that even the 
lowest intensity base motion (test run Fl-l) was sufficient to cause "yielding" 
of the test structure. Since the maximum displacements occurred at the same 
time as the maximum base shear and overturning moment, the p-~ effect can be 
added to the maximum values of base shear and base overturning moment. The maxi-
mum base shear value increased by as rr,uch as 20% by including the p-~ effect 
in test F2-l. 
Maximum amplitudes of acceleration do not have much engineering signifi-
cance except at the third level, because the maximum values occurred at dif-
ferent times for the signals measured at the three levels. The maximum value 
of acceleration did not necessarily occur at the third level (Fig. 4.19). 
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The maximum amplitudes of displacement increased with height, and increased 
with the intensity of base motion (Fig. 4.20). Since the maximum values at 
·the three beam levels occurred approximately at the same time, the deformed 
shape may be plotted (Fig. 4.16). Note that large relative storey defol1nations 
took place at the lower two stories. The extensive damage was observed at the 
lower two stories and relatively smaller damage at the third storey. 
The numerical values of maximum response observed are listed in Table 4.1. 
4.6 Crack Pattern 
Existing cracks on a test structure were marked before a test and after 
each test run. The crack patterns were not identical in the two frames. Crack 
patterns observed on a frame are reported here (Figs. 4.21 and 4.22). 
Prior to the first test. run, shrinkage and accidental cracks were observed 
on the test structure. The shrinkage crack was observed in the corner. The 
accidental crack was developed when, (a) the casting form was removed, (b) the 
test structure was fixed on the earthquake simulator platform, and (c) the 
steel weights were attached to the test structure. A close observation indi-
cated that the accidental crack in a test structure seemed to have been caused 
by a twisting motion of a frame or by an out-of-plane motion (perpendicular to 
the direction of base motion). A frame structure was not reinforced in the 
out-of-plane direction. 
Test Run Fl-l: Flexural cracks developed at the ends of each beam, at the 
base and top of the first storey columns, at the top of the second storey 
columns, an1 at the bottom of the third storey columns. Flexural cracks spread 
from a beam-column joint into adjacent members. Yielding was observed at the 
base of first storey columns, at the ends of first level beams, and at the top 
of second storey columns. 
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Test Run Fl-2: Those cracks that existed prior to test Fl-2 opened wider 
without developing new flexural cracks in the members. X-shaped diagonal 
cracks formed at the three levels of beam-column connections. 
Test Run Fl-3: Wide cracks were observed at the base of the first storey 
columns (accompanied by crushing and spalling of concrete), at the ends of first 
and second level beams, at the top of second storey columns, and at the top of 
first storey columns. Yielding at these locations was sufficient to form a 
"collapse ll mechanism in an elasto-plastic frame structure. Even after reaching 
this damage stage, the structure was able to respond to the base motion in a 
stable manner. Extensive cracks were observed at the beam-column connections 
at the first and second beam levels. 
Test Run F2-l: Cracks formed at the locations similar to those observed 
in test run Fl-3. Wide cracks were observed at the base of first storey 
columns (accompanied by crushing of concrete), at the ends of first and second 
level beams, and at the top of second and third storey columns. 
4.7 Effect of Previous Loadings 
Test structure Fl was subjected to three runs of intense base motion. In 
each test run, the structure was deformed beyond yielding. The behaviour of 
the test structure might be affected seriously by the damage caused in the pre-
vious test runs. To study the effect, response waveforms of test structure Fl 
observed during the third test run were compared with that of test structure F2 
observed during the first test run. The two test structures were constructed 
under the same specifications. The spectral intensities of base motion used 
in the two test runs were 16.5 in. and 18.1 in. In other words, the test 
structure F2 was subjected to slightly more intense base motion. On the other 
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hand, test structure Fl had already been damaged extensively beyond yielding 
in the previous two test runs. 
Figures 4.23 through 4.27 compare the response waveforms observed in the 
two tests. It is interesting to note that base shear, base overturning, first 
and third level absolute acceleration, and third level displacement waveforms 
observed in the two test runs were virtually identical. The previous test 
runs at lower intensities did not affect the behaviour measurably. This ob-
servation may be limited to the case, in which (a) the intensity of base 
motion was increased significantly from the last test run, (b) the major res-
ponse occurred at relatively early part of the excitation, and (c) the struc-
tural stiffness did not deteriorate significantly with a number of cycles of 
load reversal. 
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CHAPTER 5 
OBSERVED BEHAVIOUR OF SHEAR WALL-FRAME STRUCTURES 
5.1 Base Motions 
The El Centro (NS) 1940 record was simulated in test Sl, and the Taft 
(N21E) 1952 record in test S2. The time axis of the original records was 
compressed by 2.5. The intensity of base motion in the first test run of both 
tests Sl and S2 was intended to simulate the intensity of the scaled El Centro 
motion, an intensity similar to the IIdesignll earthquake as discussed in 
Section 3.7. 
The base acceleration waveforms observed on the earthquake simulator 
platform during tests 51 and 52 are compared with the scaled input earthquake 
records in Figs. 5.1 and 5.2. The ordinates of the observed signals are not 
the same in the figures. The observed base acceleration signals are similar 
to the input signal. However, a visual inspection of the waveforms suggested 
that the reproduction of the input earthquake signal in the shear wall-frame 
tests was not as good as in the frame tests. Sharp spikes in an observed sig-
nal during the third test run of both tests Sl and S2 might have been caused when 
the earthquake simulator reached its performance limit in velocity. 
The response spectra of the observed base acceleration records are shown 
in Fig. 5.3. Response spectrum curves from the scaled input earthquake record 
and observed base acceleration signals are compared in Figs. 5.4 and 5.5 for a 
damping factor of 0.05. The intensity of base motion during test run Sl-l was 
almost identical to that of the scaled El Centro motion. The spectral intensity 
(Section 2.3) of base motion in test Sl-l was 6.2 in., whereas that of the 
scaled E1 Centro was 5.2 in. The difference is caused in a higher frequency 
range. 
34 
The intensity of base motion during test S2-l was approximately 1.5 times 
that of the scaled El Centro motion, and approximately 3 times that of the 
scaled Taft motion (Fig. 5.5). The spectral intensity of the scaled Taft 
motion is 2.7 in. The spectral intensity of the observed base motions is 
listed in Tables 5.1 and 5.2. 
The comparison of response spectral curves (Figs. 5.4 and 5.5) reveals 
a poor reproduction of the input earthquake records in a frequency range above 
10 Hz in both tests Sl and S2. On the other hand, the response spectral 
curves of the observed signals are very similar to that of the input records 
in a frequency range less than 10 Hz of the two tests. 
5.2 Response Waveform 
The test structures withstood the base motion more than four to six times 
as intense as the "design" earthquake motion without collapse. However, the 
damage in the test structures was so extensive that the state of the test 
structures after a test could be termed as "failure". In fact, test structure 
52 collapsed when the same base motion was repeated after the third test run. 
Horizontal displacements and accelerations were measured at the three 
beam levels. Horizontal displacements of frame beam ends were measured at the 
three levels relative to th'e stiff steel reference frames. The reference 
frame can be considered as rigid from an engineering viewpoint since the ob-
served displacement signals did not contain a frequency corresponding to the 
first mode oscillation of the reference frame (approximately 70 Hz). The 
relative movement at the base of the reference frame and the test frame was 
negligible (Section 4.3). Therefore, each displacement signal observed repre-
sented a displacement of a frame beam relative to the base. 
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Horizontal absolute acceleration signals at each level were measured on 
the frame member end of both test frames, on the steel weight and on the 
shear wall. Four acceleration signals at the same level were almost identical. 
The accelerations and displacements measured on only one test frame are 
reported here. Base shear and overturning moment signals (Section 4.3) were 
constructed from the acceleration signals and the total weights. The p-~ 
effect was not included in the base shear and overturning signals. The sig-
nals are shown in Figs. 5.6 through 5.11 for each run. 
Large amplitude oscillation in test Sl (El Centro) generally occurred in 
a beginning portion (within 3.0 sec. from the, start of base motion) of a test 
run. In test S2 (Taft), large amplitude oscillation was observed in a middle 
portion (2.0 to 6.0 sec.) of a test run. 
Absolute Acceleration Waveform: Acceleration signals are characterized 
by the content of high frequency signals. Consequently, the maximum values 
generally occurred at diffetent time at three levels. Third level accelera-
tion signal was mainly governed by the llfirst mode ll oscillation (Section 4.3) 
in the first test run. With an increasing structural damage, the third level 
acceleration signal was dominated by higher mode oscillations (Fig. 5.12). 
The first beam level acceleration waveforms from the three successive test 
runs in test S2 are compared in Fig. 5.13. Note that the signals contained 
more of higher frequency components than the third beam level acceleration 
waveform as shown in Fig. 5.12. The dominant frequencies changed with the 
intensity of base motion. In other words, higher mode frequencies were also 
affected by the damage in a structure. 
Displacement Waveform: The maximum displacements at the three levels 
occurred almost at the same time. The displacement signals were governed by 
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the IIfirst mode ll oscillation. The amplitudes increased with height. 
The structure oscillated evenly in the two directions during the first 
test run. The neutral axis of oscillation shifted with time in the second 
and third test runs because of inelastic residual deformation (Fig. 5.14). 
Residual displacements increased in the same direction after each test 
run in test Sl (El Centro). However, such a trend was not observed in test 
S2 (Taft). 
Base Shear Waveform: Although a high frequency signal on a base shear 
waveform appears to be IInoisyll during the test, a careful observation revealed 
that the frequency of the high frequency signal coincided with either IIsecond 
. " 
or third mode" frequency. The amplitude of higher mode signals increased with 
the intensity of base motion (Fig. 5.15). 
Base Overturn"ing ~1oment Waveform: The "first mode ll oscillation governed 
a base overturning moment signal. The signal was much smoother than the base 
shear waveform of the same test run. With an increase in the intensity of 
base motion, base overturning moment waveforms became rather lIirregularli. Ob-
serve the change in IIfirst mode" period with excitation intensity. 
Zero Crossings: The number of zero-axis crossings of a base overturning 
moment signal was counted to estimate a smeared period of oscillation in the 
first mode. The natural periods of a test structure computed on the basis of 
uncracked and cracked stiffnesses are 0.12 and 0.20 sec., respectively 
(Table 3 .. 6). The numbers of zero-axis crossings and "smeared ll periods are 
listed below for each test run. 
Test Sl Test S2 
Test Run Run 1 Run 2 Run 3 Run 1 Run 2 Run 3 
Number of Crossings 91 78 55 80 64 52 
Smeared Period, sec. 0.26 0.31 0.44 0.28 0.34 0.42 
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The duration of the records was 12.0 sec. for test Sl and 11.0 sec. lfrom 1.0 
sec. to 12.0 sec. from the beginning of base motion) for test S2. The period 
became longer with the intensity of base motion. If the intensity of base 
motion in the first test run is assumed to be equivalent to that of the IIdesign" 
earthquake (Section 3.7), the period under such design earthquake excitation 
can be as long as twice initial period of a structure. 
Free Vibration: First mode frequencies and damping factors were estimated 
from the free vibration portion (after 11.5 sec. from the beginning of base 
motion) of a base overturning moment signal. The free vibration of the signal 
was dominated by IIfirst modell, The average values over 3 cycles of oscillation 
were analyzed. A damping factor was estimated by the logarithmic decrement 
method. The values are listed below. 
Test Sl Test S2 
Observed Values: Run Run 2 Run 3 Run 1 Run 2 Run 3 
Frequency, Hz. 3.3 1 .8 3.4 2.7 1 .4 
Period, sec. 0.30 0.55 0.30 0.37 0.72 
Damping Factor 0.06 o. 11 0.08 o. 11 0.12 
The amplitudes of the free vibration part of a signal was approximately 
8% to 15% of the maximum amplitude observed during tests Sl-2 and Sl-3, and 
30% to 50% in test S2. Because of the existence of higher mode signals, the 
values could not be estimated in test Sl-l. Note a further elongation of the 
period in the third test run. 
The periods found from the free vibration are comparable to those from 
the number of zero-axis crossings. However, the periods in the third test run 
found from the .free vibration are much longer than those from the number of 
zero-axis crossings. This implies that the period of oscillation at a low 
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amplitude was longer than the average period including large amplitude oscil-
lations. If we consider the stiffness of a structure, the stiffness at a low 
amplitude oscillation must have been lower than the average stiffness in the 
last test run. 
5.3 Apparent Damping Factors 
The linear system transfer function theory outlined in Appendix D was 
utilized to estimate periods and damping factors of shear wall-frame structures. 
Acceleration transfer-functions were evaluated at different frequencies by 
computing a ratio of the Fourier moduli of an observed beam-level and base 
acceleration signals. 
Apparent first mode frequencies determined from the three level transfer 
functions were identical in each test run, except at the first beam level of 
test run Sl-3, in which three peaks of a comparable amplitude appeared around 
2.0 Hz. Estimated damping factors and periods are listed below: 
Test Sl Test S2 
Estimated Value: Run 1 Run 2 Run 3 Run 1 Run 2 Run 3 
Frequency, Hz. 3.85 2.87 1.40 2.99 2.56 1.34 
Period, sec. 0.26 0.35 0.71 0.33 0.39 0.75 
Damping Factor 0.07 o. 13 0.20 o. 11 0.12 0.22 
The estimated periods are comparable to those found from the number of 
zero-axis crossings and those found from the free vibration portion signal in 
the first two test runs. However, the estimated periods in third test runs 
Sl-3 and S2-3 are larger than those found from the number of zero-axis crossings. 
It is interesting to note that the estimated period in the last test runs 
Sl-3 and S2-3 was almost the same as or slightly longer than those estimated 
in frame test runs Fl-3 and F2-l. 
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The estimated damping factors are larger than those found from the logar-
ithmic decrement of free vibration signals. The ratio of an estimated period 
of oscillation to the one computed on the basis of uncracked transformed sec-
tion is a good index to measure the degree of damage in a structure. Figure 
5.17 compares this ratio with an apparent damping factor obtained in frame 
and shear wall-frame tests. It can be seen that the damping factor increases 
sharply when the period ratio changes from two to four. 
Apparent mode shapes for the first mode are listed below: 
Test Sl Test S2 
Mode Sha{2e: Run 1 Run 2 Run 3 Run 1 Run 2 Run 3 
Y 1 <P 31 1 .28 1 .28 1 .30 1 .26 1.27 1 .25 
Y1 <P21 0.85 0.86 0.83 0.90 0.88 0.93 
Y1 <Pll 0.34 0.39 0.41 0.41 0.38 0.50 
The mode shapes defined by the linear system transfer function theory were 
almost straight. Figure 5.18 compares the mode shape found above and the de-
flected shape at the maximum deformation of each test run. The mode shape was 
normalized to the third storey displacement for the purpose of comparison. A 
relatively close agreement is observed. 
5.4 Maximum Res{2onse Values 
The maximum values of base shear, base overturning moment and three level 
displacements took place almost at the same time in each test run. The 
largest peaks of three acceleration signals appeared at different time. 
Maximum base shears and overturning moments are shown in Fig. 5.19 for 
shear wall-frame tests Sl and S2. Although the first test run of both tests 
was sufficiently intense to cause yielding at the base of the shear wall, both 
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maximum base shear and overturning moment in the second test run became more 
than 30 per cent larger than those of the first test run. The increase of 
maximum base overturning moment in the third test run was small compared to 
that of the maximum base shear. 
The p-~ effect was found to be important in a frame structure (Section 
4.5). For a given first level displacement, base shears caused by the P-~ 
effect are the same in a frame and a shear wall-frame test structure. However, 
the total base shear carrying capacity of a shear wall-frame structure is 
much larger than that of a frame structure. Thus, the contribution of the 
p-~ effect to a total base shear response was smaller in a shear wall-frame 
structure. When the p-~ effect was included in the computation of base shear 
and overturning moment, the maximum values increased less than 7 per cent. 
Figure 5.20 shows the change in the maximum acceleration values at the 
three levels. The maximum values increased with test runs' at all three levels. 
Within a test run, the largest amplitude did not always occur at the third 
level. 
Maximum displacements at the three levels occurred almost at the same 
time. The amplitudes increased with height as well as with the intensity of 
base motion (Fig. 5.21). As shown in Fig. 5.18, the deflected shape at the 
maximum deformation was almost straight. 
5.5 Crack Pattern 
The test structures were not designed against accidental loads acting 
perpendicular to the direction of base motion. In addition, heavy steel rigs 
were fastened to a delicate test structure. Thus it was hardly possible for 
a test structure to escape. from accidental cracks. Figures 5.22 and 5.26 
show crack patterns prior to the tests. Two sides of a frame or wall showed 
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different crack patterns, which indicates that these cracks were caused by 
out-of-plane or twisting action. 
Crack patterns marked after each test run were shown in Figs. 5.23 through 
5.25 for test 51, and in Figs. 5.27 through 5.29 for test 52. Unlike accidental 
cracks prior to a test, those cracks observed after each test run generally 
penetrated through a section to the outer face. 
When a test structure was subjected to a base motion with an intensity 
similar to the scaled El Centro or "design" earthquake, horizontal flexural 
cracks developed in the lower two storeys of a shear wall. Wide cracks indi-
cating yielding of the tensile reinforcement were observed at the base of both 
shear wall and first storey column. 
In the last test run, diagonal shear cracks were observed in all three 
storeys of the shear wall and first storey columns. Concrete spalled off at 
the base of the shear wall and first storey column after crushing in compres-
sion. Beam-column connections in the first and second beam levels were 
severely damaged with X-shaped diagonal cracks. When the base of a shear wall 
was subjected to reversals of large bending moment well into the inelastic 
range, the compressive concrete near the edge of a wall started to crush and 
spall off. Thus the area of concrete effective to resist shear forces was 
reduced. Consequently, the shear wall was literally shear at its base. 
Similar "sliding shear failure" has been reported by Paulay (1971), Bertero 
et al (1975), and Carpenter et al (1975) during static tests of spandrel beams 
and shear walls under seismic loading condition. 
When a test structure was subjected to the same intensity base motion 
after the third test run, the shear wall almost slid along the base. 
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5.6 Effect of Wall 
The effectiveness of a shear wall is discussed by comparing the response 
of a shear wall-frame and a frame structure. 
Displacement: Maximum first storey displacements observed in the frame 
tests are compared, in Fig. 5.30, with those observed in the shear wall-frame 
tests. As can be expected, frame structures experienced much larger deforma-
tion than shear wall-frame structures under the same intensity base motion. 
Note that shear wall-frame structures in the third test runs deformed almost 
as much as the frame structure Fl. However, it required a much higher inten-
sity base motion for a shear wall-frame structure to reach such a large de-
formation. 
Base Shear: Figure 5.31 compares maximum base shear observed in frame 
and shear wall-frame tests. The shear wall-frame structures developed much 
higher base shear than the frame structures for the same first storey displace-
ment. Note that a shear wall-frame structure deformed almost as much as a 
frame structure without losing the base shear carrying capacity, which may be 
contrary to a common belief about "brittle ll nature of a structural wall. 
Although an extensive flexural cracking 'and yielding took place at the base of 
a shear wall during the second test run of the shear wall-frame tests, the 
test structures could develop even higher base shear in the third test run. 
Overturning Moment: Maximum base overturning moments observed in the 
tests are shown in Fig. 5.32. A trend similar to the one observed for base 
shears can be noted in the figure; i.e., shear wall-frame structures developed 
much higher base overturning moments than frame structures for a given first 
storey displacement. However, the increase in maximum base overturning moment 
of a shear wall-frame structure was not as much as the one observed for base 
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shear because the base overturning moment carrying capacity is closely related 
to the moment carrying capacity of a shear wall. The base shear of a shear 
wall can increase even after the moment carrying capacity is reached at the 
base of the wall. It is interesting to note in Fig. 5.32 that the difference 
in the maximum overturning moments observed from frame and shear wall-frame 
structures was approximately 40 kip-inches when maximum first level displace-
ment varied from 0.3 to 0.8 inch. The value agreed well with computed ultimate 
bending moment capacity (38.5 kip-inches) of a shear wall as reported in 
Table 3.4. 
Response Waveform after Damage: An extensive flexural damage was ob-
served at the base of the shear wall prior to and at the beginning of the third 
test run. Consequently, we may expect that the shear wall should form a 
plastic hinge at the base and rotate about its base as a rigid body during the 
third test run. Third level displacement waveform observed in the third test 
runs of frame test Fl and shear wall-frame test Sl are compared in Fig. 5.33. 
The El Centro wave pattern was used in the two test runs. Observe a close 
similarity between the displacement response waveforms of the two test struc-
tures. Such a close resemblance of the displacement waveforms was not observed 
in the first two test runs when the shear wall was effective. 
Due to the oscillation of a shear wall-frame structure in the same phase, 
flexural yielding took place at the base of a shear wall in the second test 
run, followed by crushing of concrete during the third test run. Consequently, 
the concrete area effective to resist shear and bending moment was reduced 
considerably, and the shear wall became quite flexible at its base. As a re-
sult, the fram~s had to resist major earthquake forces. Therefore, a shear 
wall-frame structure behaved in a manner similar to a frame structure after an 
extensive damage at the base of the shear wall. 
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Although the wall lost its stiffness at the base, the wall was still 
effective in resisting lateral forces and stiffening the upper storeys. It 
required approximately 50 per cent higher intensity base motion in the shear 
wall-frame test than that in the frame structure to cause similar displace-
ment waveforms in the third test runs. 
Base shear and overturning moment waverforms of the two structures during 
the third test runs are compared in Figs. 5.34 and 5.35. Note that the 
maximum base shear and overturning moment of the shear wall-frame structure 
were approximately 2.0 and 1.5 times, respectively, than those of the frame 
structure. 
It was clearly demonstrated in the tests that the adoption of a carefully 
detailed ductile shear wall should be quite beneficial to the performance of 
a structure. 
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CHAPTER 6 
ANALYSIS OF TEST STRUCTURES 
6.1 Introductory Remarks 
Earthquake simulator tests give an investigator an opportunity to design 
a test structure, to control the material properties and construction, to 
choose the type of base motion, and to instrument the test structure so that 
the effect of specific parameters on the structural behaviour can be identi-
fied. 
The test structures described in this report were designed specifically 
in accordance with assumptions used in a "routine" structura'] analysis. One 
of the major objectives of the study is to study the correlation between the 
calculated and observed response of a test structure. Linearly elastic and 
nonlinear analytical models are used. 
6.2 Linearly Elastic Dynamic Analysis 
An earthquake resistant design of a structure is based on the linearly 
elastic analysis even though inelastic behaviour is expected under design 
earthquake conditions tUniform Building Code, 1976; National Building Code 
of Canada, 1977). Therefore, the correlation between the observed maximum 
response and computed linearly elastic response is of interest to many design 
engineers. 
A previous study (Otani and Sozen, 1972) showed that the RSS (the square 
root of the sum of the squares of maximum modal response) values were in 
favourable agreement with the maximum response values obtained from a linearly 
elastic response-history analysis. Thus, the RSS method was used to evaluate 
the maximum values of linearly elastic response of a test structure. 
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Dynamic characteristics of a frame structure were already listed in 
Tables 3.5 and 3.6. Response spectra of base motions were shown in Figs. 
4.3 and 5.3. A damping factor of 0.05 was arbitrarily chosen for the three 
modes. Newmark and Hall (1973) recommend a damping factor of 0.07 to 0.10 
for a yielding reinforced concrete structure. The RSS values of beam-level 
displacements, accelerations, base shear and overturning moment are listed 
in Tables 6.1 through 6.4. The response was computed on the basis of un-
cracked stiffness as well as cracked stiffness. In the case of shear wall-
frame structures, the third storey wall was always assumed to be uncracked. 
The observed maximum values are listed in the same tables. 
Acceleration, Base Shear and Moment: The maximum acceleration, base 
shear and overturning moment computed for a linearly elastic system are ex-
pected to exceed the observed values if the intensity of base motion is high 
enough to cause structural damage. However, when the frame structure Fl was 
analyzed on the basis of fully cracked stiffness under base motion Fl-l, the 
calculated maximum base shear and moment were smaller than the observed values 
(Table 6.1). This does not imply that the structure should have been free of 
any damage. When the computed member end moments were examined, yield values 
were exceeded at the base of the first-storey columns and at the ends of the 
first- and second-level beams (Table 6.5). Observation of the test structure 
also indicated wide flexural cracks at these locations. 
The computed maximum member forces are compared with the yield values 
in Tables 6.5 through 6.8. Member forces are not measured during the test. 
Member forces computed on the basis of uncracked stiffness were normally 
greater than those of fully cracked stiffness because of larger spectral 
accelerations for a stiffer system. 
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Displacements: The maximum deflection of an elasto-plastic simple system 
is known to be comparable to that of an elastic system having a period the 
same as the initial period of the inelastic system (Veletsos and Newmark, 1960). 
More recently, Newmark and Hall (1973) recognized that the deformation of an 
inelastic system is greater than that of an elastic system in a short period 
range. 
The observed maximum beam-'level displacements were 'consistently greater 
than the computed elastic displacements (uncracked stiffness) at all three 
levels (Fig. 6.1). The maximum displacements calculated on the basis of fully 
cracked stiffness are almost twice as large as those of uncracked stiffness. 
Calculated displacements on the basis of fully cracked stiffness are in fair 
agreement with the observed displacements at the third-beam level for the 
frame and shear wall-frame structures. However, the comparison becomes poor 
for the first level displacements. 
Suppose a maximum displacement at one floor level can be predicted by a 
linearly elastic analysis, is it possible to predict the maximum deflections 
at all floor levels? The displacement waveforms of a short-period structure 
are normally governed by the fundamental mode. Consequently the predicted 
maximum displacements distribute over the height of a structure in a shape 
similar to the fundamental mode shape. The mode shapes computed on the basis 
of uncracked and fully cracked stiffnesses are quite similar (Tables 3.5 and 
3.6). Figure 6.2 compares the observed maximum displacement envelope shape 
with the mode shape lfully cracked stiffness) normalized to the observed third-
level displacement. Note that there exists a significant difference (as much 
as 50 pef cent) between the observed deformation shape and the elastic funda-
mental mode shape, especially in later test runs. 
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Therefore, it is not feasible to obtain an "exact" prediction of the 
maximum displacements by a linearly elastic analysis on the basis of initial 
stiffness because the method does not reflect the distribution of damage 
within the structure. The structural damage needs be considered to arrive 
at a reasonable estimate of the deformed configuration of an inelastic struc-
ture. The method to incorporate expected structural damage in the evaluation 
of modal characteristics needs further study. 
6.3 Nonlinear Dynamic Analysis (SAKE) 
A special purpose computer program SAKE (Otani, 1974) was developed to 
analyze a regular rectangular reinforced concrete moment-resisting frame 
structure under an earthquake motion. The computer program is currently 
(1979) available from the National Information Service Earthquake Engineering 
-of the University of California at Berkeley. This section describes the 
reliability of the program applied to the analysis of the test frame structures. 
Equivalent nonlinear springs were used to represent the inelastic rota-
tions at a member end due to flexure and bar slip (Fig. b.3). The flexural 
moment-rotation relation of a member end was evaluated, in the program, on 
the basis of the moment-curvature relationship of section and by assuming the 
inflection point to be at the mid-point of the member (Fig. 6.3). The 
inelastic rotation was dependent solely on the moment at the end. However, the 
elastic rotation of a member depended on the two member~end moments (Fig. 6.4). 
The method to evaluate the moment-rotation of each member is discussed in 
Section 3.4. The Takeda hysteresis model (Takeda, Sozen and Nielsen, 1970) 
was assigned to the flexural spring. 
The moment-bar slip rotation relation (Section 3.5) was idealized by the 
bilinear Takeda model (Otani and Sozen, 1972). The yield point of the bilinear 
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morrent-bar slip rotation relation was arbitrarily chosen as a point on the 
curve, expressed by Eq. 3.8, at the one-half flexural yield moment. This 
hysteresis model is not sufficient to simulate a typical IIslippingll behaviour. 
Lumped mass at each beam level represented the weights of the steel rig, 
frame beams and columns. No rotational mass was considered. 
A simple viscous damping was used in the program. An instantaneous 
damping matrix was assumed to consist of two parts; one part proportional to 
the constant mass matrix, and the other proportional to the instantaneous 
stiffness matrix (Rayleigh, 1877). 
Effect of Damping: The current state of the art (1979) is not sufficient 
to clarify the sources of damping, or to quantify the damping on the basis of 
the structural geometry and the material properties. Therefore, it is desired 
to investigate the effect of different types of damping on acceleration and 
displacement response. The two types of damping are studied separately; 
mass-proportional damping and stiffness-proportional damping. Mass-proportional 
damping in an elastic structure yields a smaller damping factor for a higher 
mode, whereas a stiffness proportional damping yields a larger damping factor. 
A first mode damping factor at the linearly elastic stage was chosen to 
be 0.02 or 0.05, or 0.10. Frame structure F2 was analyzed. The first-level 
acceleration and the third-level displacement waveforms are chosen for study 
because the first-level acceleration signal contained more of higher IImode li 
contribution. The third-level displacement was dominated by the first IImodel! 
signa 1 . 
Figure 6.5 compares the first-level acceleration waveforms computed using 
mass-proportional damping. The maximum acceleration amplitudes are comparable 
even though the first-mode damping factor was varied from 0.02 to 0.10. A 
higher value of the first~mode damping factor caused higher frequency 
50 
oscillations. The maximum amplitude of third-level displacement is signifi-
cantly reduced by an increasing value of damping (Fig. 6.6). Ductility of 
flexural springs at member ends, maximum beam-level displacements, and maximum 
base shear and moment are listed in Table 6.9. Ductility demand at member 
ends and beam-level displacements were significantly reduced with the increas-
ing damping value. The base shear and moment were not appreciably affeb'ted 
by the amplitude of damping. Therefore, the choice of a damping factor be-
comes critical in using the mass-proportional damping. 
Figure 6.7 compares the first-level acceleration signals computed with 
stiffness-proportional damping. The acceleration amplitudes are reduced with 
increasing damping factors. On the other hand, the third-level displacement 
signals (Fig. 6.8) were not affected by the change in damping factors as much 
as the acceleration signals. Ductility demand of flexural springs, maximum 
beam~level displacements, and maximum base shear and moment were slightly re-
duced with the increasing damping value tTable 6.9). 
This simple study shows that the acceleration waveform is more sensitive 
to the value of stiffness-proportional damping, whereas the amplitude.of a 
displacement signal is sensitive to the value of mass-proportional damping .. 
Computed and observed first-level acceleration and third-level displace-
ment waveforms are compared in Figs. 6.9 and 6.10. Test run F2-l was 
analyzed. The response signals were calculated using mass-proportional or 
stiffness proportional damping. The initial elastic first-mode damping factor 
was arbitrarily chosen to be 0.05 in the two cases. 
When the observed and computed acceleration signals are compared in 
Fig. 6.9, it can be noted that the observed signal has much less high frequency 
components than the computed signals. The mass-proportional damping yields a 
more rugged signal than the stiffness-proportional damping. Neither of the 
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two computed acceleration signals was successful in reproducing the observed 
one. However, when the third-level displacement signals are compared in 
Fig. 6.10, the computed signals are relatively similar to the observed signal, 
especially for the first three seconds in which a large-amplitude oscillation 
occurred. The stiffness-proportional damping yields a better simulation of 
the observed signal. 
On the basis of subjective visual inspection of the observed and computed 
waveforms, the stiffness-proportional damping seems to be superior to the mass-
proportional damping in simulating the observed waveform. 
~xamination of Program SAKE: The frame structure Fl was analyzed to 
study the goodness of the computer program SAKE. The frame was subjected to 
three test runs. The intensity of base motion was approximately doubled after 
each test run. As discussed in Section 4.7, the influence of previous base 
motions at lower intensities on the behaviour of the frame structures was 
found to be small. Therefore, the structure was treated as a new undamaged 
structure at the beginning of each analysis. An elastic first-mode damping 
factor was arbitrarily chosen to be 0.05. Two different dampings were con-
sidered; i.e., (a) a damping matrix proportional to the instantaneous stiff-
ness matrix, and (b) a combined damping matrix partially proportional to the 
constant mass matrix and partially proportional to the instantaneous stiffness 
matrix. In the latter case, a second-mode damping factor of 0.05 was assumed. 
Observed and computed first-level acceleration and third-level displacement 
signals are compared. 
Obs~rved and computed signals for test run Fl-l are compared in Figs. 
6.11 and 6.12. The simulation of acceleration and d·isplacement signals by the 
analytical model was extremely poor. Table 6.10 lists the computed maximum 
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member end ductility. Note that the largest ductility attained was only 1.3 
at the end of the first-level beam using stiffness-proportional damping 
(Model A). In the case of combined damping (Model B), no yielding was pre-
dicted by the model. 
When the inelastic action is small, concentrated inelastic springs at 
member ends does not represent the damage distribution of a reinforced con-
crete member. For example, flexural cracking, a major source of member stiff-
ness reduction before yielding, is not concentrated at a member end, but 
rather spread well into the member. Therefore, the concentration of all in-
elastic deformation to the member end by the use of an inelastic spring is 
not realistic representation of the member response. Consequently, the res-
ponse simulation of the test structure Fl-l became inevitably poor. 
In the analysis of the test Fl-2, the analytical program predicted 
yielding at the ends of the first- and second-level beams, at the top of 
second-storey columns and at the base of first-storey columns. Yielding at 
these locations is sufficient to form a plastic mechanism of a three-storey 
one-bay elasto-plastic structure. Wide flexural cracks are also observed at 
these locations after the test Fl-2. Comparison of the observed and computed 
signals (Figs. 6.13 and 6.14) is fair especially within the first three seconds 
where the large oscillation occurred in the test. Note that the test struc-
ture oscillated in a period longer than the model after 5.0 sec. in Fig. 6.14. 
The analytical model estimated the degraded stiffness higher than the test 
structure. This might be attributable to the usage of the Takeda model for a 
joint spring. It is known that the force-bar slippage relation produces pro-
nounced IIpinchingll in a hysteresis loop, whereas the Takeda model was developed 
to simulate a stable flexural hysteresis loop. Therefore, the development of 
a realistic hysteresis model for a joint spring is necessary. Takayanagi and 
53 
Schnobrich (1976) proposed to modify the Takeda model to include the pinching 
in a hysteresis loop, and successfully simulated the observed response of 
ten-storey coupled shear walls. 
Test run Fl-3 caused an extensive damage throughout the test structure. 
Extensive yielding at member ends was also predicted by the analytical model 
(Table 6.10). The comparison of the observed and computed signals is satis-
factory (Figs. 6.15 and 6.16). A fair agreement between the computed and the 
observed signals may be attributable to the fact that the large inelastic de-
formation occurred at member ends, and that the inflection point tended to 
approach to the mid-point of each member after yielding at a member end. 
Therefore, the representation of inelastic deformation by concentrated in-
elastic springs became more realistic in this test run. A visual inspection 
of the computed signals suggests the usage of stiffness-proportional damping 
in the analysis. The stiffness of the analytical model was again higher than 
the test structure, causing shorter period oscillation after 5.0 sec. 
On the basis of the study above, the following can be stated: 
(a) The usage of concentrated inelastic springs (one-component model) 
at member ends should be cautioned in the analysis of a reinforced concrete 
structure in which no significant damage is expected; 
(b) A hysteresis model having a pinching characteristic needs be used 
if a realistic response waveform simulation (not merely maximum response pre-
diction) is required; and 
(c) The usage of stiffness-proportional damping is recommended in simu-
lating large amplitude oscillations. 
The simulation of the observed reinforced concrete frame response by the 
connected two-cantilever model (Otani, 1974) was more successful even at a low 
intensity base motion. A possible reason for the better simulation by the 
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previous model is that the location of a member inflection point was considered 
in evaluating the member stiffness to reflect the spread of damage into the 
member. 
Finally, it is interesting to note that the analytical model predicted 
ductility factors of 9.9 at the end of the first-level beam and 9.3 at the 
base of the first-storey column. If a member end rotation was computed on the 
basis of a computed moment-curvature relationship (Section 3.4), such large 
deformation capability of the reinforced concrete could not be estimated. 
However, Corley's empirical expression (Eq. 3.5) estimated the deformation 
capability of .the frame members to be approximately 9 to 10 as shown in Figs. 
3.6 and 3.7. Indeed, the test structure withstood such a high intensity base 
motion without collapse. 
The analysis of the shear wall-frame test structures by SAKE was not 
attempted because the representation of inelastic deformation of a shear wall 
member by member end springs was judged to be insufficient on the basis of 
the above study. 
6.4 Equivalent Linearly Elastic Model 
There have been some attempts to make use of linearly elastic analysis in 
estimating the maximum response of inelastic structures (Shibata and Sozen, 
1976; Anagnostopoulos, Haviland and Biggs, 1978; Tansirikongkol and Pecknold, 
1978). Damage in an inelastic structure changes the mode shapes, periods and 
damping values. Methods need be developed to evaluate the effective mode 
shapes, periods and damping values in order to use a linearly elastic analysis. 
Suppose a perfect method is developed for this purpose. How good can the 
linearly elastic analysis method be ;n predicting maximum response values and 
even response signals? The usefulness of a linearly elastic procedure is 
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examined in this section. 
Suppose an analysis method provides the effective mode shapes, periods 
and damping values as good as those determined from the experiments (Sections 
4.4 and 5.3) on the basis of the linear system transfer function theory (Hart 
and Vasuden, 1975). With this set of information, let us study the degree 
of observed response signal simulation by the equivalent linearly elastic 
model. The linearly elastic model obviously does not allow residual displace-
ments. Therefore, it is not possible to simulate the displacement response 
signal of an inelastic structure. Consequently, an attempt was made to simu-
late a force response signal: base shear waveform. Only the first mode 
oscillation was considered because the first mode properties were already ob-
tained in Sections 4.4 and 5.3 for frame structures and shear wall-frame 
structures. 
The mass of the equivalent linear single-degree-of-freedom (SDF) model 
was determined as the sum of the products of the floor mass and mode shape 
amplitudes. The stiffness of an equivalent SDF model was determined to yield 
the observed period. Viscous damping factors were obtained in Section 4.4 and 
5.3. The properties of the SDF models for each test run are listed in Table 
6.11. If the properties of the equivalent SDF models are determined in this 
manner, the base shear of the model can be directly compared with the base shear 
of the test structures. 
Calculated maximum third-level displacements, base shears and base moments 
are compared with the observed values in Table 6.11. The calculated values 
are based on only the first mode response. The agreement is fair for the third-
level displacements and base moments, but the agreement is not good in the 
final test run of the shear wall-frame structures. The comparison is poor for 
the base shear. 
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Observed and computed base shear signals are compared side by side from 
Figs. 6.17 through 6.26 for each test run of the frame structures and the 
shear wall-frame structures. The observed base moment signal of each test run 
is added. 
Recall the unfavourable simulation by the SAKE model especially when the 
intensity of the base motion was low. The computed response signa"' by the 
equivalent linearly elastic SDF model is lIembarrassing1y" in good agreement 
with the observed signal. As the intensity of base motion increased, the ob-
served base shear signal was influenced by higher mode oscillations (for 
example, Figs. 6.19,6.20,6.23 and 6.26). Therefore, the agreement between 
the computed and observed base shear signals deteriorated. The computed 
signal was based on only the first-mode oscillation. The contribution of 
higher modes to the base shear signal also caused poor prediction of the 
maximum base shear value by the equivalent linearly elastic model (Table 6.11). 
However, the observed base moment signal, dominantly governed by the first 
mode oscillation, was similar in the waveform pattern to the computed base 
shear even under high intensity base motion. 
This simple exercise proves the usefulness of the linearly elastic analy-
sis method as long as a method is available to evaluate the effective mode 
shape, period and damping value corresponding to the damaged state of the 
structure. It is important that the distribution of structural damage be recog-
nized in such evaluation. 
6.5 Nonlinear Static Analysis (SAKE) 
The program SAKE was modified to perform the static analysis of a frame 
structure under monotonically increasing lateral loads. The moment-rotation 
relation of member end flexural springs was evaluated by the two methods shown 
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in Figs. 3.6 and 3.7; i.e., (a) rotation computed on the basis of a calculated 
moment-curvature relationship (flexural theory), and (b) rotation evaluated by 
an empirical equation proposed by Corley (Eq. 3.5). The former case assumed 
that the failure of a reinforced concrete section should occur when the ex-
treme compressive fibre strain reached a limiting strain of 0.004. The latter 
case assumed the failure to occur at a strain of 0.006 in the beam section 
and 0.008 in the column section. In addition, the Corley's empirical expres-
sion assumes concentrated deformation at the yielding zone of a member, and 
estimates much larger failure deformation that the flexural theory. 
The calculated base shear and first-level displacement relations are 
shown in Figs. 6.27 and 6.28 for the uniform and triangular load distributions, 
respectively. Note that the flexuraO] theory predicts failure at a substan-
tially small deformation. The test frame structures survived the response de-
formation almost twice the computed failure deformation by the Corley's method. 
It should be recalled that the Corley's method was developed to give a con-
servative estimate of the failure deformation of a reinforced concrete member, 
and also that the damage state of the two frame structures after test run 
Fl-3 and F2-1 was very extensive. Therefore, the Corley's expression is satis-
factory for practical use in estimating the limiting structural member de-
formation. 
The observed maximum base shears were greater than the ones computed on 
the basis of the Corley's empirical expression or the flexural theory. In an 
effort to reconcile the observed large base shear values by the incremental 
lateral load analysis, the effect of lateral load distribution patterns was 
studied (Fig. 6.29). Three load distribution patterns were used; two tri-
angular patterns and one uniform pattern. In the three cases, distinct stiff-
ness changes occurred when the flexural crack developed at the first-level 
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beam end at approximately O.5-kip base shear, and when the flexural yielding 
occurred at the first-level beam end at approximately O.14-in. first-level 
displacement. It was necessary to apply larger loads at lower levels to in-
crease the computed base shear at failure. However, in the three loading 
cases, the observed large base shear values were not predicted, by the incre-
mental lateral load analysis as observed in the previous study (Otani and 
Sozen, 1972). 
6.6 Design Consideration 
The resistance capacity, greater than the specified design force level, 
at a certain part of .a structure does not necessarily yield a better and 
stronger structure in the earthquake resistant structural design. Modern 
earthquake resistant building codes (for example, Uniform Building Code, 1976; 
National Building Code of Canada, 1977) do not intend to prevent any struc-
tural damage'in the case of a major earthquake, but their intention is rather 
aimed toward preventing the collapse of a structure and accompanying fatalities 
because the probability of the occurrence of such major earthquakes during the 
lifetime of the structure is small. Therefore, the designed structure must 
be able to behave in a ductile manner even after yielding at various locations. 
A strategy is to design the structure such that yielding and damage 
should be forced to occur at the location where the ductility can be easily 
provided and where the repair can be done. The higher resistance capacity is 
desirable in the location in which ductility cannot be provided or where the 
damage can endanger the safety of the structure; for example, columns carrying 
large axial force, deep beams carrying high shear, ·and the foundation. 
It is not recommended to increase the resistance capacity more than the 
specified design force level in the location where yielding is expected and 
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where ductility is provided. Otherwise, higher earthquake forces will go into 
the structure before yielding takes place at these preferred locations. The 
higher earthquake forces and resulting higher stresses througrout the structure 
may endanger the safety of supposedly protected parts of the structure. 
The actual resistance capacity (strength) of a member can be greater than 
the design-specified value by the following reasons: 
(a) The amount of reinforcement actually provided is more than the amount 
required by the design analysis because the number of bars must be rounded to 
an integer; 
(b) The actual material strength (the yield strength of steel, and 
compressive strength of concrete) is greater than the design-specified value; 
(c) The member resistance exceeds the yield value due to strain 
hardening; and 
(d) The same member dimensions are used in a number of storeys, although 
not required by strength requirement, to reduce the construction cost. 
Consequently, the earthquake forces that go into the structure can be 
significantly greater than the forces specified by design. Let us study the 
test results from this viewpoint. 
The largest possible base shear value of a frame structure occurs when 
yielding takes place at the top and the base of all first-storey columns. If 
the "computed ll moment carrying capacity of the column (Table 3.3) is considered 
to be a realistic upper bound, the largest possible base shear of the frame 
structures is computed to be 2.20 kips. The observed maximum base shear 
values exceeded this limiting value (Fig. 6.30). 
An overturning moment at the base of a structure is an important design 
force especially in the design of the foundation. The overturning moment in 
design is normally calculated as the moment of design lateral loads about the 
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foundation. However, the actual overturning moment developed at the base of a 
structure during an intense earthquake motion can be significantly larger than 
the design overturning moment. 
Let us consider a shear wall-frame structure. From the free body diagram 
shown in Fig. 6.31, the base overturning moment must be equal to the sum of 
moments at the base of the first-storey columns and the first-storey shear 
wall, and a moment resulted from the tension-compression couple developed in 
the first storey-columns. The largest possible compression and tension forces 
in the first-storey columns are equal to the sum of the beam shears corres-
ponding to simultaneous flexural yielding at the three beam ends. 
The largest possible overturning moments computed in this manner are 
compared with the observed maximum overturning moments of the frame and the 
shear wall-frame structures (Fig. 6.32). The observed values exceeded the 
computed limiting values. 
Further study is required to reconcile the observed large base shear and 
overturning moment values from the material properties and the structural 
geometry. However, it is important to note that the earthquake forces that 
go into the structure are not the ones specified by the code, but are equal to 
the resisting capacity of the structure at the time of a major earthquake. 
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CHAPTER 7 
SUMMARY AND CONCLUSIONS 
The work described in this report was part of a continuing experimental 
study on the response behaviour of reinforced concrete buildings to earthquake 
loading, being carried out in the Structural Research Laboratory of the Depart-
ment of Civil Engineering, the University of Illinois at Urbana-Champaign. 
Approximately one-sixth scale reinforced concrete frames with and without 
a slender shear wall were chosen to study the effectiveness of a shear wall in 
resisting earthquake loads. The test structures were subjected to a series of 
earthquake motions on the University of Illinois Earthquake Simulator. The 
test structures were designed specifically in accordance with the assumptions 
used in a "routine ll structural analysis so that the structural analysis and 
design concept could be tested. No attempt was made to construct a realistic 
model of a prototype structure. A horizontal component of Californian earth-
quake records was simulated in each test run. The earthquake simulator was, 
again, proven to reproduce, within a range of structural engineering interest, 
acceleration waveforms with characteristics quite similar to those of the in-
put earthquake records. 
The dynamic linea~ly elastic analysis of the test structures under the 
El Centro (NS) 1940 earthquake motion with compressed scale predicted 2.5 to 3 
times yield moments at the critical sections. The test structures survived 
the base motion approximately 3.5 times as intense as the scaled El Centro 
motion without collapse in spite of extensive damages. The first-level dis-
placement of a frame structure reached more than one-fifteenth of the first-
storey height, and a shear wall-frame structure more than one-twentieth storey 
hei ght. 
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The shear wall stiffened the structure, reducing the response displace-
ment amplitude. At the same time, the shear wall added strength to the struc-
ture, resisting large base shear and overturning moment. When the shear wall 
was extensively damaged at its base in flexure, the shear wall appeared to 
freely rotate about the base. Furthermore, the shear wall-frame structure 
produced a displacement signal very similar to the one of the corresponding 
frame structure subjected to the same pattern base motion. However, the inten-
sity of base motion was 1.5 times higher in the shear wall-frame structure to 
yield this result. The displacement amplitude was also less from the shear 
wall-frame structure. The use of a carefully detailed ductile shear wall is 
quite beneficial to the performance of a structure. 
The behaviour of test structures, after being subjected to several base 
motions at lower intensity, may be affected by the previous damage. To study 
the effect, two frame structures were subjected to the base motion of comparable 
intensities; one structure in the first test run and the other in the third 
test run. The previous base motions at lower intensity did not affect the 
behaviour measurably if the intensity of base motion was increased substantially 
after each test run. 
The frame structure was analyzed by a special purpose computer program 
SAKE, which uses equivalent nonlinear springs tone component model) to represent 
the inelastic rotations of a reinforced concrete member due to flexure and bar 
slip. The :comparison of the computed and the observed waveforms was favourable 
When the base motion caused extensive yielding throughout the structure. 
However, the usage of the one-component model in the analysis of a reinforced 
concrete structure should be cautioned if no significant yielding is expected. 
The distribution of damage well into a member (for example, flexural cracking) 
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cannot be properly simulated by the one-component model. A hysteresis model 
having a pinching characteristic needs be used for the moment-bar slip rotation 
relationship if a realistic response waveform simulation (not simply maximum 
response simulation) is desired. The usage of a damping matrix proportional 
to the instantaneous stiffness matrix is promising in reproducing the observed 
response signal. The Corley's empirical expression (Corley, 1966) was found 
to be very useful to estimate the limlting deformation of frame members on the 
basis of the material properties and the member geometry. 
The equivalent linearly elastic model, having the average period, damping 
and mode shape observed in a test run, can simulate favourably the observed 
response signal. When the fundamental mode was used in the analysis of a base 
shear signal, the agreement between the computed and the observed signal 
deteriorated with the increasing contribution of higher modes in the observed 
signal. However, the use of only the fundamental mode was sufficient to simu-
late the observed base overturning moment signals. The linearly elastic 
analysis method can be useful as long as a method is available to evaluate 
the effective mode shapes, periods and damping values which reflect the inten-
sity and distribution of damage within the structure. 
Finally, it is important to note that the earthquake forces going into 
the structure at the time of a major earthquake are not the ones specified by 
the code, but that they are directly associated with the force-resisting 
capacity provided to the structure in a process of design. The observed maxi-
mum base shear and base overturning moment exceeded the limiting values com-
puted for the worst conditions. Further study is required to reconcile the 
observed large response. 
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TABLE 2.1: Summary of Tests 
Test Run Spectrum Intensity Max. Acc. Base Motion (SI ), inch (mm) g Type 
20 
F1-1 4.2 (107 ) 0.24 El Centro 
Fl-2 8.5 (216 ) 0.43 El Centro 
Fl-3 16.5 (419 ) 0.91 El Centro 
F2-1 18. 1 (460) 1.07 El Centro 
Sl-l 6.2 (157 ) 0.54 El Centro 
Sl-2 12.0 (305) 1 .02 El Centro 
Sl-3 24.0 (610) 3.78 E1 Centro 
S2-1 7.8 ( 198) 0.68 Taft 
S2-2 15.2 (386) 1.54 Taft 
S2-3 34.2 (869) 5.26 Taft 
Scal ed * 5.2 (132 ) 0.31 E1 Centro El Centro 
Scaled * 2.7 ( 69) O. 18 Taft Taft 
* Original earthquake with a compressed time scale of 2.5. 
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TABLE 3.1: Material Properties Used in Flexural Stiffness Evaluation 
(a) 
(b) 
Properties 
Concrete 
Secant Modulus Ec, ksi 
Compressive Strength f~ , ksi 
Strain E: at f' 
Tensile §treng~h f t , ksi 
Longitudinal Reinforcement 
Area As of a bar, in 2 
Yield Stress fy, ksi 
Ultimate Stress fsu' ksi 
Strain E:sh at start of Strain Hardening 
Strain E:su at fsu 
1.0 ksi = 6.89 MPa 
1.0 in 2 = 645 mm 2 
Frames \~a 11 s 
3,250 3,490 
4.95 6.76 
0.00272 0.00344 
0.426 0.497 
0.05 0.021 
43.0 43.9 
66.0 53.7 
0.014 0.014 
0.065 0.060 
TABLE 3.2: Calculated Moment-Curvature Relationship of Beam Sections 
Stage Bending Moment Curvature kip-in. l/in. 
Crack 1 .51 0.0000874' 
Yielding 4.65 0.000867 
E: = 0.001 4.78 0.001676 c 
E:c = 0.002 5.05 0.00448 
E: = c 0.003 5.23 0.00710 
E:c = 0.004 5.42 0.00923 
E: = 0.006* 5.57 0.01281 c 
* Limiting strain from Eq. (3.4) 
1.0 kip-in. = 113 N.m 
1.O/in. = 39.4/m 
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TABLE 3.3: Calculated Moment-Curvature Relations of Column Sections 
First Story Column Second Story Column Third Story Column 
Stage 
M* <P** M* <P** M* <P** 
Cracking 1 .30 0.000246 1 .10 0.000208 0.894 0.0001698 
Yielding 3.83 
Sc = 0.002 4.03 
Sc = 0.003 4. 12 
Sc = 0.004 4.09 
Sc = 0.008*** 3.94 
0.001706 3.52 0.001632 
0.00378 3.72 0.00417 
0.00665. 3.81 0.00714 
0.00917 3.78 0.00973 
0.01761 3.68 0.01829 
* M = moment in kip-in. (= 113 N.m) 
** <p = curvature in l/in.(= 39.4/m) 
*** Limiting strain from Eq. (3.4) 
3.20 0.001557 
3.41 0.00462 
3.50 0.00766 
3.48 0.01030 
3.42 0.01900 
TABLE 3.4: Calculated Moment-Curvature Relations of Shear Wall Sections 
Stage Moment Kip-in. 
Cracking 11 .67 
Yielding 22.4 
Sc = 0.001 31.6 
Sc = 0.002 35.6 
S = 0.003 37. 1 c 
S = 0.004* 38.5 c 
* Limiting strain from Eq. (3.4) 
1.0 kip-in. = 113 N.m 
1.0/in. = 39.4/m 
Curvature 
l/in. 
0.0000259 
0.0001889 
0.000447 
0.001337 
0.00238 
0.00339 
.-
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TABLE 3.5: Modal Characteristics of Frame Structures (Fl and F2) 
Stiffness Uncracked Stiffness Fully Cracked Stiffness 
Mode Number 1 2 3 1 2 3 
Frequency, Hz 5.74 18.3 31.3 3.49 11.4 20.2 
Period, sec 0.174 0.055 0.032 0.287 0.088 0.050 
Mode Shape * 
3rd Level 1.246 -0.324 0.079 1.251 -0.331 0.080 
2nd Level 0.933 0.260 -0. 193 0.918 0.288 -0.206 
1 st Level 0.419 0.384 0.198 0.393 0.381 0.226 
* Mode shapes normalized for unit participation factor. 
TABLE 3.6: Modal Characteristics of Shear Wall-Frame Structures (Sl and S2) 
* ** Stlffness Uncracked Stiffness Fully Cracked St i ffness Full y Cracked Sti ffness 
Mode Number 1 2 3 1 2 3 1 2 3 
Frequency, Hz 8.72 37.8 78.1 5.08 30.3 66.0 4.99 24.0 . 56.6 
Period, sec 0.115 0.025 0.013 0.197 0.033 0.015 0.201 0.042 0.018 
Mode Shape *** 
3rd Level 1.289 -0.365 0.076 1.288 -0.363 0.075 1.287 -0.366 0.079 
2nd Level 0.743 0.485 -0.228 0.764 0.434 -0. 197 0.738 0.484 -0.222 
1st Level 0.238 0.463 0.300 0.254 0.534 0.211 0.228 0.500 0.272 
* Uncracked stiffness was assumed in the shear wall at the second and third ~tories. 
** Uncracked stiffness was assumed in the shear wall at the top story. 
*** Mode shapes normalized for a unit participation factor. 
(a) 
(b) 
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TABLE 3.7: Elastic Response of Frame Structure to Scaled 
E1 Centro Earthquake Record (R.S.S. Method) 
Member Location Yield Uncracked Fully Cracked Value Stiffness Stiffness 
Member End Moment adjacent to Beam-Column Connection, kip-in. 
Third Story Column Top 3.20 4.45 3.00 Bottom 3.20 3.0B 1 .99 
Second Story Column Top 3.52 6.77 4.36 Bottom 3.52 6.09 3.90 
First Story Column Top 3.B3 6. 11 3.62 Bottom 3.B3 9.29 6.23 
Third Level Beam 4.65 4.92 3.30 
Second Level Beam 4.65 11 . 13 7.11 
First Level Beam 4.65 14. 14 B.71 
Member Shear, kips 
Third Story Column -- 0.502 0.332 
Second Story Column 
--
0.B57 0.550 
First Story Column -- 1.026 0.656 
Third Level Beam -- 0.2B9 0.194 
Second Level Beam -- 0.655 0.41B 
First Level Beam -- 0.B32 0.513 
1 . Ok i p- in. = 11 3 N .m 
1.0 kip = 4.45 kN 
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TABLE 3.8: Elastic Response of Shear Wall-Frame Structure to 
Scaled El Centro Earthquake Record (R.S.S. Method) 
Member Location Yield Uncracked Fully Cracked Value Section Stiffness (I)* 
(a) Member End Moment adjacent to Beam-Column Connection, kip-in. 
Third Story Column Top 3.20 3.54 3.94 Bottom 3.20 3.03 3.23 
Second Story Column Top 3.52 2.39 2.80 Bottom 3.52 2.81 3.30 
First Story Column Top 3.83 0.98 1 .25 Bottom 3.83 1 .96 2.83 
Third Level Beam 4.65 3.96 4.40 
Second Level Beam 4.65 6.22 6.95 
First Level Beam 4.65 4.34 5.25 
Wall at Second Level 34.0 6. 15 7.93 
Wall at First Level 34.0 34.0 38.0 
Wall at Base Level 34.0 78.9 84.2 
(b) Member Shear, kips 
Third Sto ry Co 1 umn -- 0.437 0.478 
Second Story Col umn -- 0.347 0.407 
First Story Column -- O. 196 0.272 
Third Level Beam -- 0.233 0.259 
Second Level Beam -- 0.366 0.409 
First Level Beam -- 0.255 0.309 
Third Story Wall -- 0.342 0.441 
Second Story Wall -- 1 .71 1 .84 
First Story Wall -- 2.73 2.87 
* Uncracked sections were used for the second and third story wall. 
** Uncracked section was used for the third story wall. 
1 .0 k i p- in. = 113 N. m 
1.0 kip = 4.45 kN 
Fully Cracked 
Stiffness(II)** 
4.35 
3.62 
2.89 
3.56 
0.99 
2.55 
4.86 
7.50 
5.21 
6.52 
32.4 
80.3 
0 .. 531 
0.430 
0.236 
0.286 
0.441 
0.307 
0.363 
1 .73 
2.98 
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TABLE 4.1: . Maximum Response Measured in Frame Tests 
Test F1 Test F2 
Response 
Run 1 Run 2 Run 3 Run 1 
(a) Base Motion (El Centro NS 1940) 
Ba se Acc., g. 0.24 0.43 0.91 1 .07 
Spectrum Intensity (SI20 )' in. 4.2 8.5 16.5 18.0 
(b) Absolute Acceleration Response, g. 
Third Level 0.48 0.67 0.81 0.76 
Second Level 0.49 0.60 0.65 0.53 
First Level 0.30 0.49 0.89 n .,0 v. 10 
(c) Displacement Response Relative to the Base, in. 
Third Level 0.63 1 . 12 2.40 2.57 
Second Level 0.50 0.83 1 .97 2. 12 
First Level n ?l 0.39 0.93 1 .. 26 V.c..1 
(d) Response at the Base (Two Frames without the p-~ effect) 
Base Shear , kip 2.22 2.58 2.54 2.26 
Base Moment, kip-in. 85 95 105 100 
1 .,0 in. = 25.4 mm 
1.0 kip = 4.45 kN 
1 . 0 kip-in. = 113 N. m 
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TABLE 5.1: Maximum Response Measured in Frame-Shear Wall Test Sl 
Response Run 1 Run 2 Run 3 
(a) Base Motion (El Centro NS 1940) 
Base Acc., g. 0.52 0.98 3.79 
Spectrum Intensity (SI~), in. 6.2 12.0 24.2 
(b) Absolute Acceleration Response, g. 
Third Level 0.77 1 .. 31 1 .71 
Second Level 0.58 0.88 1.05 
First Level 0.58 1.48 1 .. 78 
(c) Displacement Response Relative to the Base, in. 
Third Level 0 .. 40 1 .. 03 2.31 
Second Level 0.27 0.69 1.56 
First Level 0.11 0.27 0.7l 
I 
(d) Response at the Base (without the p-~ effect) 
Base Shear , kip 2.83 4. 13 4.60 
Base Moment, kip-in. 106 144 162 
I 
1.0 in. ~ 25.4 mm 
1.0 kip = 4.45 kN 
1 .0 k i p- in. = 113 N .m 
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TABLE 5.2: Maximum Response Measured in Frame-Shear Wall Test S2 
. Response Run 1 Run 2 Run 3 
(a) Base Motion (Taft N21E 1952) 
Base Acceleration, g~ 0.69 1 .51 5.56 
Spectrum Intensity (SI 20 )' in. 7.9 15.2 34.2 
(b) Absolute Acceleration Response, g. 
Third Level 0.98 1.39 1.89 
Second Level 0.98 1.30 1.63 
First Level 0.84 1.22 2.62 
I I 
(c) Displacement Response Relative to the Base, in. 
Third Level 0.66 1.39 2.45 
Second Level 0.43 0.98 1.68 
First Level 0.16 0.47 0.84 
(d) Response at the Base (without the p-~ effect) 
Base Shear , kip 3.32 4.66 5.57 
Base Moment, kip-in. 120 148 147 
1.0 in. = 25.4 mm 
1.0 kip = 4.45 kN 
1 . a k i p- in. = 113 N .m 
TABLE 6.1: Linearly Elastic Structural Response of Frame Structure Fl. 
Test F1-1 Test Fl-2 
COlllputed Computed 
Response Level Observed Uncracked Cracked Observed Uncracked Sti ffness Stiffness Stiffness 
Di s placement, inch 3 0.63 0.21 0.40 1. 12 0.43 
2 0.50 0.16 0.29 0.83 0.32 
1 0.21 0.072 0.126 0.39 0.15 
Acceleration, g. 3 0.48 0.73 0.52 0.67 1.48 
2 0.49 0.55 0.39 0.60 1. 12 
1 0.30 0.29 0.24 0.49 0.59 
Structural Shear, Base 2.22 2.96 2.02 2.58 6.00 
kips 
Overturning Mon~nt, Base 85 118 82 95 240 
kip-in. 
NOTE: Damping factors of all modes = 0.05. 
Response to the olbserved base motion using the RSS method. 
1.0 kip 4.45 kN 
1.0 inch = 25.4 111111 
Cracked 
Stiffness 
0.80 
0.58 
0.25 
1.03 
0.85 
0.48 
4.04 
162 
Observed 
2.40 
1. 97 
0.93 
0.81 
0.65 
0.89 
2.54 
105 
Test Fl-3 
Computed 
Uncracked Cracked 
Stiffness Sti ffness J 
0.83 1. 57 I 
0.62 1. 15 
0.28 0.50 
2.84 2.04 
2. 14 1.55 
1.11 0.97 
11.56 7.96 
464 318 
...... 
00 
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TABLE 6.2: Linearly Elastic Structural Response of Frame Structure F2 
Test F2-1 
Computed 
Uncracked Cracked 
Response Level Observed Stiffness Stiffness 
Displacement, inch 3 2.57 0.90 1.66 
2 2 ~ 12 0.67 1 .22 
1 1.26 0.30 0.53 
Acceleration, g. 3 0.76 3. 15 2. 19 
2 0 .. 53 2.39 1.74 
1 0.78 1.48 1 .22 
Structural Shear, kips Base 2.26 12.6 8.5 
Overturning Moment, kip-in. "Base 100 500 338 
NOTE: Damping Factors of all modes = 0.05 
Response to the observed base motion using the RSS method. 
1.0 kip = 4.45 kN 
1.0 inch = 25.4 mm 
TABLE 6.3: Linearly Elastic Structural Response of Shear Wall-Frame Structure Sl 
Test Sl-1 Test Sl-2 
Computed Computed 
Rr.sponse Level Observed Uncracked Cracked Observed Uncracked Sti ffness Stiffness Stiffness 
Di sp 1 acement, inch 3 0.40 0.178 0.49 1.03 0.33 
2 0.27 0.103 0.28 0.69 0.19 
1 0.11 0.033 0.09 0.27 0.06 
Acceleration, g. 3 0.77 1.43 1.29 1. 31 2.63 
2 0.58 0.95 0.87 0.88 1. 78 
1 0.58 0.58 0.57 1.48 1. 12 
Structural Shear, Base 2.83 4.94 4.42 4.13 9.08 
kips 
Overturni ng Moment, Base 106 206 183 144 377 
kip-in. 
NOTE: Damping factors of all modes = 0.05. 
Response to the observed base Inotion using the RSS method. 
1.0 kip = 4.45 kN 
1.0 inch = 25.4 mm 
Cracked 
Stiffness 
0.94 
0.54 
0.17 
2.49 
1.68 
1.11 
8.58 
355 
Observed 
2.31 
1.56 
0.71 
1.71 
1.05 
1. 78 
4.60 
162 
Test Sl-3 
Computed 
Uncracked Cracked 
Stiffness Stiffness 
0.71 1. 78 
0.41 1.02 
0.13 0.32 
5.83 5.41 
4.24 4.84 
3.05 4.39 
20.0 18.5 
. 818 677 
(X) 
o 
TABLE 6.4: Li nearly E I asti c Structura 1 Response of Shear Wall-Frame Structure S2 
Test S2-1 Test S2-2 
Computed Computed 
Response Level Observed Uncracked Cracked Observed Uncracked Stiffness Stiffness Stiffness 
Displacement, inch 3 0.66 0.186 0.48 1.39 0.37 
2 0.43 0.107 0.27 0.98 0.22 
1 0.16 0.035 0.085 - 0.47 0.069 
Acceleration, g. 3 0.98 1.60 1. 29 1.39 3.04 
2 0.98 1. 25 1.02 1. 30 2.06 
1 0.84 0.95 0.69 1.22 1.32 
Structural Shear, Base 3.32 5.46 4.43 4.66 10.45 
kips 
Overturning Mon~nt, Base 120 216 180 148 433 
kip-in. 
-~-
NOTE: Damping factors of all modes = 0.05. 
Response to the observed base motion using the RSS method. 
1.0 kip 4.45 kN 
1.0 inch = 25.4 mm 
Cracked 
Stiffness 
0.95 
0.55 
0.17 
2.62 
1.95 
l. 51 
9.00 
360 
Observed 
2.45 
1.68 
0.84 
1.89 
1.63 
2.62 
5.57 
147 
Test S2-3 
Computed 
Uncracked Cracked 
Stiffness Stiffness 
0.74 1.87 
0.43 1.08 
00 
0.14 0.34 --' 
6.47 5.67 
5.32 5.06 
4.25 4.57 
22.0 19.4 
853 710 
TABLE 6.5: Computed Elastic Member Response for Frame Fl 
Test Fl-l Test Fl-2 
Yield Uncracked Cracked Uncracked Cracked 
t
'
lember Loca t ion Value Stiffness Stiffness Stiffness Stiffness 
(a) Member End Moment adjacent to Beam-Column Connection, kip-in. 
Thi rd Storey Column Top 3.20 3.2 2.3 6.5 4.6 
Bottom 3.20 2.2 1 .5 4.5 3.0 
Second Storey Column Top 3.52 4.9 3.4 9.9 6.7 
Bottom 3.52 4.4 3.0 8.9 6.0 
First Storey Column Top 3.83 4.4 2.8 8.9 5.6 
Bottom 3.83 6.7 4.8 13.6 9.6 
Third Level Beam 4.65 3.5 2.5 7.2 5. 1 
Second Level Beam 4.65 8.1 5.5 16.3 11 .0 
First Level Beam 4.65 10.2 6.7 20.7 13.5· 
(b) Member Shear, kips 
Third Storey Column -- 0.36 0.15 0.73 0.51 
Second Storey Column 
-- 0.68 0.43 1 .26 0.85 
First Storey Column -- 0.74 0.51 1 .50 1 .01 
Third Level Beam -- 0.21 0.15 0.42 0.30 
Second Level Beam -- 0.47 0.32 0.96 0.65 
First Level Beam -- 0.60 0.40 1 .22 0.79 
- -- ----- -------
L 
--------
---------..... -- .... ---~-
--- -- -- ---
1.0 kip-in. = 113 N.m, 1.0 kip = 4.45 kN. 
Test Fl-3 
Uncracked Cracked 
Stiffness Stiffness 
12.5 9.1 
8.6 6.0 
19. 1 13.2 
17.2 11 .8 
17.2 11 .0 
26.2 18.9 
13.8 10.0 
31 .4 22.6 
39.9 26.5 
1 .4 1 .0 
2.4 1 .7 
2.9 2.0 
0.81 0.59 
1 .85 1 .27 
2.35 1 .56 
-- ---
_ .. _-------- -----"-
-
(X) 
N 
83 
I 
TABLE 6.6: Computed Elastic Member Response for Test F2 
Fully 
Yield Uncracked Cracked 
Member Location Value Stiffness Stiffness 
(a) Member End Moment adjacent to Beam-Column Connection, kip-in. 
Third Storey Column Top 3.20 13.7 9.7 Bottom 3.20 9.6 6.6 
Second Storey Column Top 3.52 20.6 14. 1 Bottom 3.52 lB.6 12.6 
First Storey Column Top 3.83 lB.7 11 . 7 Bottom 3.B3 2B.4 20. 1 
Third Level Beam 4.65 15.2 10.7 
Second Level Beam 4.65 34.0 22.9 
First Level Beam 4.65 43. 1 2B.l 
(b) Member Shear, kips 
Third Storey Column -- 1.6 1 . 1 
Second Storey Column 
--
2.6 ·1 .8 
First Storey Co 1 umn -- 3. 1 2. 1 
Third Level Beam -- 0.-89 0.63 
Second Level Beam -- 2.0 1 .35 
First Level Beam -- 2.5 1.65 
1 .0 k i p- in" = 11 3 N. m , 1.0 kip = 4.45 kN 
(a) 
(b) 
TABLE 6.7: Computed Elastic Member Response for Shear Wall-Frame Structure Sl 
Test Sl-l Test Sl-2 Test Sl-3 
Yi e 1 d- Uncracked Cracked Uncracked Cracked Uncracked Cracked 
Member Location Value Stiffness Stiffness Stiffness Stiffnes-s Stiffness Stiffness 
Member End Moment adjacent to Beam-Column Connection, kip-in. 
Third Storey Column Top 3.20 4.4 4.8 9.0 9.4 19.6 18.0 Bottom 3.20 3.6 4.0 7.7 7.8 16.8 15. 1 
Second Storey Column Top 3.52 3. 1 3.2 6. 1 6.2 13.2 11 .8 Bottom 3.52 3.7 4.0 7.2 7.7 15.5 14.5 
First StoreY Column Top 3.83 1 .4 1 . 1 2.5 2.2 5.6 4.6 Bottom 3.83 3.2 2.9 5.0 5.5 10.9 10.8 
Third Level Beam 4.65 4.9 5.4 10. 1 10.5 22.0 20. 1 
Second Level Beam 4.65 7.7 8.4 15.8 16.2 34.4 30.7 
First Level Beam 4.65 5.8 5.8 11 . 1 11 .2 24.U 21.4 
Wall at Second Level 34.0 11 .7 9.2 20.3 18.0 52.1 75 
Wall at First Level 34.0 42.6 36.2 88 70 193 138 
Wall at Base 34.0 94 90 201 174 438 340 
Member Shear, kips 
Third Storey Column -- 0.53 0.59 1 . 12 1 . 15 2.4 2.2 
Second Storey Column -- 0.45 0.48 0.88 0.93 1 .9 1 .8 
First Storey Column -- 0.30 0.26 0.50 0.51 1 . 1 1 .U 
Third Level Beam -- 0.29 0.32 0.59 0.62 1 .3 1 .2 
Second Level Beam 
--
0.46 0.49 0.93 0.51 2.0 1.8 
First Level Beam 
-- 0.34 0.34 0.65 0.66 1 .4 1 .3 
Third Storey Wall 
-- 0.65 0.51 1 . 13 1 .00 2.9 4.2 
Second Storey Wall -- . 2.05 1.94 4.4 3.8 9.6 7.4 
First Storey Wa 11 
-- 3.3 3.4 7 . 1 6.5 15.7 14.5 
1 .0 ki p-i n. = 113 N.m, 1.0 kip = 4.45 kN. 
i 
00 
.g:::. 
(a) 
(b) 
TABLE 6.8: Computed Elastic Member Response for Shear Wall-Frame Structure S2 
Test S2-1 Test S2-2 Test S2-3 
Yield Uncracked Cracked Uncracked Cracked Uncracked Cracked Member Location Value Stiffness Stiffness Stiffness Stiffness Stiffness Stiffness 
Member End Moment adjacent to Beam-Column Connection, kip-in. 
Third Storey Column Top 3.20 5.2 4.8 10.4 9.5 20.6 18.9 Bottom 3.20 4.5 4.0 8.9 8.0 17.7 15.8 
Second Storey Column Top 3.52 3.5 3.2 7.0 6.3 13.8 12.4 Bottom 3.52 4.1 3.9 8.2 7.8 16. 1 15.3 
First Storey Column Top 3.83 1 .5 1 . 1 2.9 2.3 6.0 4.9 Bottom 3.83 2.9 2.8 5.8 5,7 11 .5 11 .4 
Third Level Beam 4.65 5.8 5.3 11 .6 10.7 23.0 21 . 1 Second Level Beam 4.65 9. 1 8.2 18.2 16.4 35.8 32.2 First Level Beam 4.65 6.3 5.7 12.7 11 .4 25.0 22.4 
Wall at Second Level 34.0 17.3 11 .3 23 26 77 79 Wall at First Level 34.0 51.0 . 35.7 102 72 203 145 Wall at Base 34.0 116 88 231 178 461 357 
Member Shear, kips 
Third Storey Column 
-- 0.64 0.58 1.28 1 . 17 2.6 2.3 Second Storey Column 
-- 0.50 0.47 1 .01 0.94 2.0 1.84 First Storey Column 
-- 0.29 0.26 0.58 0.53 1 . 17 1.07 
Third Level Beam 
-- 0.34 0.31 0.68 0.63 1 .36 1 .24 Second Level Beam 
-- 0.53 0.48 1.07 0.97 2.11 1.90 First Level Beam 
-- 0.37 0.34 0.75 0.67 1 .47 1 .32 
Third Storey Wall 
-- 0.96 0.63 1 .31 1.42 4.3 4.4 Second Storey Wall 
-- 2.52 1 .91 5.0 3.8 10.0 7.7 First Storey Wall 
-- 4.3 3.4 8.2 6.9 17.4 15.2 
1.0 kip-in. = 113 N.m, 1.0 kip = 4.45 kN. 
ex> 
(J"1 
(a) 
I 
(b) 
TABLE 6.9: Effect of Damping on Computed Maximum Response of Test Frame F2 (SAKE) 
Mass-Proportional Damping Stiffness-Proportional Damping 
81 = 0.02 81 = 0.05 81 = 0.10 81 = 0.02 Sl = 0.05 81 = 0.10 
Flexural Ductility at Member End I 
Third Level Beam 0.96 
, 
0.84 0.71 1 .57 1.42 0.97 
Second Level Beam 5.42 4.29 2.93 7.13 6.93 6. 12 
First Level Beam 8.01 6.35 4.72 9.89 9.90 9.70 
Third Storey Coli umn Top 3.78 2.70 1 .57 4.80 4.66 4.09 Bottom 0.94 0.82 0.64 0.80 0.53 0.31 
Second Storey Column Top 4.78 3.70 2.67 4.93 4.75 4.77 Bottom 2.50 1 .86 1 .44 2.52 2.06 1 .44 
First Storey Coli umn Top 1 .22 0.94 0.70 1.42 1 .27 1.06 Bottom 7.82 6.14 4.46 9.51 9.46 9.26 
Maximum Structural Response 
Third level Displacement, in. 2.04 1.64 1 .21 2.51 2.47 2.31 
Second level Displacement, in. 1.59 1.27 0.94 1 .91 1 .89 1 .81 
First level Displacement, in. 0.71 0.57 0.43 0.86 0.86 0.84 
Base Shear, kips 2.92 2.76 2.78 2.94 2.B4 2.77 
Base Overturning Moment, kip-in. lOB 102 107 115 114 112 
I 
1.0 inch = 25.4 mm, 1.0 kip-in. = 113 N.m, 1.0 kip = 4.45 kN. 
I 
I 
I 
I 
I 
I 
ex> 
0'1 
(a) 
(b) 
TABLE 6.10: Maximum Response Computed for' Test Frame Fl (SAKE) 
Test Fl-l 
Computed Response Model A* Model B** 
Flexural Ductility at Member End 
Third Level Beam 0.27 0.22 
Second Level Beam 0.82 0.70 
First Level Beam 1 .26 0.96 
Third Storey Column Top 0.51 0.45 Bottom o. 12 o. 11 
Second Storey Column Top 0.72 0.61 Bottom 0.55 0.48 
Fi rst Storey Column Top 0.39 0.34 Bottom 1 . 14 0.91 
Maximum Structural Response 
Third Level Displacement, inch 0.43 0.36 
Second Level Displacement, inch 0.34 0.28 
First Level Displacement, inch 0.15 0.13 
Base Shear, kips 1.60 1 .47 
Base Overturning Moment, kip-in. 62.7 57.0 
-------_ .. _--_ .. _--------
* Model A: 
** Model B: 
Stiffness-proportional Damping (6 1 = 0.05) 
Combined Damping (6 1 = 62 = 0.05) 
Test Fl-2 
Model A Model B 
0.50 0.48 
1 .77 1 .53 
3.22 2.81 
0.81 0.78 
0.23 0.27 
1 .56 1.34 
0.73 0.74 
0.58 0.57 
3.27 2.72 
0.82 0.75 
0.67 0.60 
0.33 0.29 
2.05 2.10 
74.5 76.2 
Test Fl-3 
Model A 
1 .20 
6.60 
9.86 
4.47 
0.43 
4.73 
1 .78 
0.96 
9.32 
2.40 
1 .85 
0.85 
2.80 
114 
1.0 inch 
1.0 kip-in. 
1.0 kip 
Model B 
0.87 
4.70 
6.92 
3.10 
0.65 
3.42 
1 .31 
0.88· 
6.47 
1 .75 
1 .34 
0.61 
2.64 
102 
= 25.4 mm. 
= 113 N.m. 
= 4.45 kN 
ex> 
-....,J 
Test Period 
Run (sec.) 
F1-1 0.39 
Fl-2 0.48 
Fl-3 0.71 
F2-1 0.71 
Sl-1 0.26 
Sl-2 0.35 
Sl-3 0.71 
S2-1 0.33 
S2-2 0.39 
S2-3 0.75 
TABLE 6.11: Equivalent Linearly Elastic Model Response 
SDF Model Properties Maximum Response 
Damping Weight (kips) 
0.05 5.36 
0.07 5.34 
0.15 5.38 
o. 17 5.40 
0.07 4.87 
o. 13 4.98 
0.20 5.00 
O. 11 5.06 
0.12 4.98 
0.22 4.65 
Stiffness Thi rd L.eve1 Di spl ., in. 
(kip/in.) Observed ComR.uted 
3.60 0.63 0.75 
2.37 1 . 12 0.98 
1 .09 2.40 2.28 
1 .09 2.57 2.51 
7.36 0.40 0.53 
4.15 1.03 0.95 
1 .01 2.31 2.97 
4.75 0.66 0.71 
3.35 1.39 1.44 
0.844 2.45 2.93 
1.0 kip = 4.45 kN 
1.0 inch = 25.4 mm 
1.0 kip-in.= 113 N.m 
Base Shear, kip 
Observed Computed 
2.22 2.25 
2.58 1 .97 
2.54 2.12 
2.26 2.20 
2.83 3.05 
4. 13 3.07 
4.60 2.30 
3.32 2.69 
4.66 3.79 
5.57 1.98 
Base Moment, kip-in. 
Observed Computed 
85 88 
95 77 
105 82 
100 86 
106 127 
144 126 
162 94 
120 109 
148 154 
147 90 
I 
I 
00 
00 
89 
_ _~ H 
it ' 
~--' ~ ~ U'" 
Fig. 2.1: Frame Structure during Test 
. . _ +1 . 
" •. 'if . . ~ . . 
." 
I 
Fig. 2.2= Shear Wall-Frame Structure during Test 
Truss Member 
. Mqtion ~ 
~ 
Frame Shear Wa 11 Frame Weight 
Fig. 2.3: Mathematical r~odel of Shear Wall-Frame Structures 
1-1.0. 
3.0 
No. 14 Wire 
16 at 1.0 
Steel Pipe 
91 
17.0 
Lifting Hook Mount 
6.0 
15.0 
·1 
Units In Inches 
(1 .0 1 n •. = 25.4 mm.) 
Fig. 2.4: Dimensions and Reinforcement in a Test Frame 
I: o.87e 
14 
Gage Wire 
.1", 1.125 
2.0 
aeam 
: I 
92 
0.5 
.5 
.4 
1.2 2.0 
Bar 0.4 
r: 
1.125 
D I 0.875 
2.0 
Column 
(a) Frame 
: I 
Units in inches 
(1.0 in. = 25.4 mm) 
11,0 
( b) Shea r Wa 11 
Fig. 2.5: Section Properties of a Test Structure 
mber4 2 Nu 
Oefo rmed BOrS\ 
I ~ ~ 
3.0 
0 
an 
II 
Q 
.-
c 
!Q 
3.0 
0 
~ 
II 
9 
-c 
!Q 
3.0 
0 
!d 
Ii 
0 
-c 
GO 
-
I 
93 
11,0 
I~ot 1.5 =10.5 • j 
0 0 0 
Ff=t: 
I 
~ 
~ 
.b 0 0 0 
1Ff:f: 
It±: 
0 0 tal 
1m 
I I I I I II I 
4 at 12.0 :: 48.0 
~ 
/ 
j 
5,5 
V Number 8 Gage Plain Wires 
18.0 
18.0 
V Number 16 Gage Wi reO.0.3/4 
4 Revolutions I inch 
16.5 
o Steel Plate h-3.0 x 3/8 x 52. 
/4 Number 4 De formed Bars 
I 
Units in inches. 
(1 .0 in. = 25.4 mm) 
Fig. 2.6: Dimension and Reinforcement of a Test Shear Wall 
1 .0 
4.-U 
..c 
...., 
0') 
c 
OJ 
S-
...., 
V) 
OJ 
...., 
OJ 
S-
U 
c 
a 
u , 
,+-u 0.5 
(/) 
(/) 
OJ 
s-
...., 
V) 
OJ 
...., 
OJ 
s-
U 
c 
a 
u 
0.0 
£ £ 2 
f = f' [2 (--f.) - (--f.) 1 
c c £ £ o 0 
1 .0 
fc = f~ [1 - 250(£c - £0)] 
Frame Concrete 
(£ = 0.00272) 
o 
2.0 
~~a 11 Concrete 
(£0 = 0.00344) 
fc = 0.2 f~ 
Concrete Strain EC I 'Peak Strain £0 
Fig. 3.1: Idealized Stress-Strain Curve of Concrete 
3.0 
\.0 
~ 
Dr-
(/) 
.::.t. 
(/) 
(/) 
QJ 
S-
+l 
(/') 
r-
QJ 
QJ 
+l 
(/') 
80------.-----B~----~----~------~-----~----, 
60 
I , 
----
tfIII!!III!JI'[_--tfIII!!III!JI'--------
40 Wall Reinforcement 
20 
Es = 29.0 X 10 3 ksi 
o 0.01 0.02 0.03 0.04 0.05 0.06 0.07 
Steel Strain, in./in. 
Fig. 3.2: Idealized Stress-Strain Relation of Longitudinal Reinforcement 
~ 
U1 
6.0 
. 
c 
or-
• c.. 4.0 or-
~ 
... 
....., 
c:: 
QJ 
~ 
C') 
C 
or-
"0 
c:: 2.0 w (Xl 
0.0 
(Yielding _ 
, /EC - 0.001 
I V 
EC = 0.002 EC :: 0.003 EC = 0.004 
EC= Concrete Strain 
Beam Sections 
2.0 4.0 6.0 B.O 
Curvature, x 10- 3 l/in. 
Fig. 3.3: Calculated Moment-Curvature Relation of Beam Sections 
10.0 
\.0 
0'\ 
5.0 
I 
Yielding E:c = ~OO4 
~ 0, ~ 4.0 
'A Lli P 
" " 
, 
F D . ow " s:: \ .,.... a 0- E:C = 0.003 .,.... 3.0 ~ E:c = 0.002 
... 
....., 
E:c = Concrete Strain s:: ~ 
0 0 First Storey :E 
0) 2.0 s:: I:l. Second Storey I \.0 .,.... -....,J 
-0 
s:: 
(]) 
co Itl 0 Third Storey 
1 .0 
Column Sections 
0.0 2.0 4.0 6.0 8.0 10.0 12.0 
-3 C u rv a tu re , x 1 0 1 / in. 
Fig. 3.4; Calculated ~1oment-Curvature Relation of Column Sections 
50 
40 
· s:: 
or- 30 I 
I c.. or-~ 
'" ...., 
s:: 
QJ 
E 
~ 20 
C) 
s:: 
or-
"0 
s:: 
QJ 
co 
10 
I 
0.0' 
I 
E = 0.001 
c 
0.5 1.0 
EC = 0.004 
E 
C 
= 0.002 EC = 0.003 
E = Concrete Strain c 
Wall Section 
1 .5 2.0 2.5 3.0 
Curvature, x 10- 3 l/in. 
IFig. 3.5: Calculated Moment-Curvature Relation of Shear Wall Sections 
I ~ 00 
3.5 
6.0 .. ----~----~----~----~----_.----~----~----_. 
5.0 ' __ 4!_p._,_.@I_~I!IIIfIIIJJIII---------
~ 
c.. 4.0 
--~ Corley's Expression (Eq. 3.5) 
... 
"0 
c: 
L&J 
~ 3 .. 0 
I p u.. ~ I 1 • I ~ .a ~ (U 2.0 \) 
l\.. II • ~ IS 0 u.. 
1.0 __ 
BEAM 
0.0 o. 1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 
Free End Displacement, in. 
Fig. 3.6: Calculated Force-Deflection Relation of Beam Members 
In 
0. 
or-
~ 
"C 
C 
I.J.J 
<V 
<V 
$.. 
u.. 
o4J 
ftJ 
<V 
U 
$.. 
0 
u... 
5.0 .. ~~~~~--~--~~--------~----------~--------.---------~ 
Fl exuray Theory First Storey 
4.0 t SeCond Storey ---------- -------~ 
----------- ---------~ 
_~------dlllllllll!D------ --------
3.0 Third Storey 
Corley's Expression (Eq. 3.5) 
2.0 p 
1.0 
COLUMN 
0.0 0.05 0.10 0.15 0.20 0.25 0.30 
free End Displacement, in. 
fig. 3.7: Calculated Force-Deflection Relation of Column Members 
--I 
a 
a 
, 
101 
Truss Member 
I 
- ---
.....r I Ir 1,... ""I "'I" 11 III 3 11 
I _H ... ...... .oJL : m? 1 PI" ·1,.. . II"" ,... 
"1 n 
-
'cfnil II!... ....lL.. ..... da. ill. I I". "111"'" If ,.. 
"""{"1 n 
...., .. .., '"Y"-"" rrr...." ....... -,. ............ ........ v,.. ".. FRAME FRAME MASS 
(a) Mathematical Model for Test Structures Fl and F2 
Truss Member 
MASS 
(b) tltu.et1cal Model for Test Structures 51 and 52 
Fig. 3.8: Mlu..t1calMedels of Test Struct·ures 
t-
Z 
UJ 
L 
o 
L 
IC 
I 
I 
I 
I 
I 
I 
\
uncraCked 
Stiffness 
I 
I 
I 
I 
I, '--Cracked St i ffness 
CURVATURE 
Fig. 3~9: Uncracked and Cracked Stiffness of Reinforced Concrete Section 
--' 
o 
'N 
103 
50 
u 
0) 20 til 
......... 
. 
s:::: 
'r-
10 
>, 
4-> 
or-
U 
5 0 
r0-
O) 
>-
I 
0 
-0 
~ 2 0) 
til 
c.... 
1 
0.5 ~--------------~~--~--~~--0.5 1 2 5 10 20 50 
F re que n cy , Hz 
FIG. 3.10 Response Spectrum of Scaled El Centro (NS) 
1940 Record (Time Scale = 2.5) 
104 
f;.30 
0.00 
-0.30 (a) E1 Centro (NS) 1940 Record, g 
0.2 
0.0 
-0.2 (b) Base Motion Observed during Test Run Fl-l, 9 
O.S 
0.0 
-o.S (c) Base Motion Observed during Test Run Fl-2, g 
0.0 
-1.0 (d) Base Motion Observed during Test Run Fl-3, g 
I I 
o 1 2 3 4 5 6 7 8 9 10 11 
Time, sec 
FIG. 4.1 Input and Observed Base Acceleration H.aveforms 
in Test Fl 
12 
0 .. 30 
0 .. 15 
0 .. 00 
-0 .. 15 
-0 .. 30 
(a) E1 Centro (NS) 1940 Record, g 
1.0 
0.0 
-1.0 
(b) Base Motion Observed during Test Run F2-1, g 
I I I I I I I I I I I I I 
o 1 2 3 4 5 6 7 8 9 1 0 11 12 
Time, sec 
FIG. 4.2 Input and Observed Base Acceleration Waveforms in Test F2 
-'" 
o 
01 
100 i V I Q; • )( i ( ; j ,(; • X 100 
Damping factor = 0.0, 0.02, 0.05 
0.10,0.20 
50 I X I ")(/ ~~ ""7/ I ~)« I ')(' I '''7/ I 50 
c.J 
Q) 
en 
"" C 
-.- 20 IV *1 ~? L~? ~?I ~? 20 
>-
t-
U 
0 10 I ",:W'lt '¥7\' If h-Nl......A\ '" 7"\ ~ "" ,// I X I 10 ...J 
W 
> 
I 
0 5 I '::J/I L I '" - "-'4P' L I ~" ¥ ~ ~ 4 I ~ L I 5 0 7 "..tL. ,,\. 7~, \: 7 '" 7 
:l 
~2 ~ V ~ "{/~o/ "K\WV'\~J --' 0 0"1 2 
I 
0.5 2 5 10 20 50 
FREQUENCY 11 Hz FREQUENCY, Hz 
(a) Test Run Fl-l (b) Test Run Fl-2 
FIG. 4.3 Response Spectra of Base Motion during Frame Tests Fl and F2 
200 a )( ) ( ; < ) < ) { )( 200 Ii h n ;( ; ( )( j( .. 
100 I "" 7f I ",,;/ I X \ I >" 7/ I >, 7/ I )( 100 
u 
Q) 
U» 
...... 50 I ~ v '-)" L I ~ \ I L I =\ L I ~- 0 L I ~ L I 50 c , 7r V'\:: 7iif,,1u 7 ~ II ~7 , 7 
>=' 
t-
O 
0 20 I '1/ I '\:::Je!l/ )( ~ I W \ I ~I )( 20 ...J 
W 
> 
I 
0 
10 rx I X I A I '%JVx\'1\A I 101~~~rxl A I X'K)(~ I 0 -..a :> 0 
w "-l 
en 
0.. 5 I ", 7/ I "~7/ I >" 7/ I "" 7/ I >0\Xld "'" 7/ I 5 
2 ,. ) ( ) ( I ) ( , ) ( ) ( , }1,0 M 2 
0.5 2 5 10 20 50 0.5 2 5 10 20 50 
FREQUENCY .. Hz FREQUENCY .. Hz 
( c) Te.) t Ru n Fl-3 ( d) Test Run F2 -1 
FIG. 4.3 (Cont'd) Response Spectra of Base Motion during Frame Tests F1 and F2 
u 
G) 
en 
...... 
c 
~ 
...... 
u 
0 
....J 
W 
> 
I 
0 
0 
:J 
LIJ 
en 
a.. 
100 
20 
10 
5 
2 
0.5 
0.5 2 
108 
5 10 20 50 
FREQUENCY, Hz 
Fig. 4.4: Response Spectra (S = 0.05) of Input and Observed 
Acceleration Waveforms in Test Fl 
u 
Q.) 
en 
...... 
c 
~ 
t: 
u 
0 
...J 
W 
> 
• 0 
0 
:;:) 
w 
en Q.. 
100 
50 
20 
10 
5 
2 
0.5 
0.5 2 
109 
5 10 20 50 
FREQUENCY .. Hz 
Fig. 4.5: Response Spectra (s = 0.05) of Input and Observed 
Acceleration Waveforms in Test F2 
110 
0.2 
0.0 
-0.2 
( a) BRSE RCCELERRT lClN ~ G 
2.0 
0.0 
- 2..0 
( b) BRSE SHERA~ KIP 
100 
o. 
-100 
[c) BR9E ~VER1URNING MGMENI. KIP-INCH 
I I I I 
o 1 2 3 4 5 6 7 a 9 10 11 12 
TIME. SEC 
FIG. 4.6 Observed Response, Test .Run F1-1 
0.5 111 
0.0 
-0115 
( 9 J TH I RD LEVEL 0 I SPLACEMEN T u INCH 
0.5 
010 
.... 0.5 
( h) SECOND LEVEL DISPLACEMENT. INCH 
. 0.5 
0.0 
-0.5 
( i] FIRST LEVEL 0 I SPLRCEMENT. INCH 
I I I I I I I I 
o 1 2 3 456 7 a 9 . 10 11 12 
TIME. SEC 
~ig. 4.6 (Cont1d) Observed Response, Test Run F1-1 
112 
o.s 
0.0 
-0.5 
Ld) THIRD LEVEL RCCELERRTIClN. G 
-0.5 
(~) SECeJND LEVEL RCCELEART HlN. G 
0.5 
0.0 
-0.5 
( f) F 1 AST LEVEL RCCELEART I ClN. G 
I 
a 1 2 4 5 5 7 8 9 10 11 12 
TINE. SEC 
FIG. 4.6(Cont!d} Observed Response, Test Run Fl ... l 
0.5 
0.0 
-o.s 
2.0 
0.0 
-2.0' 
100 
o. 
o 2 3 4 
113 
{ a J BRSE RCCELERRT I ON. G 
(b J BRSE SHERR. KIP 
te) BRSE ~VER1URNING M~NENT. KIP-INCH 
I 
567 
TIME. SEC 
8 9 10 11 12 
FIG. 4.7 Observed Response, Test Run Fl-2 
114 
0.5 
0.0 
-0.5 
( d) TH I RD LEVEL RCCELERRT I CJN • G 
-0.5 
( e) SECCIND LEVEL RCCELERRT ION, G 
0.0 
-0.5 
(f) FIRST LEVEL RCCELERRTION. G 
I I I I I 
a 1 2 4 5 5 7 B S 10 11 12 
TIME. SEC 
FIG. 4.7(Cont 1 d) Observed Response, Test Run Fl-2 
· 111 0 
115 
01/0 
-111 a 
( 9 J TH I RO LEVEL 0 I SPLACEMEN T II INCH 
1.0 
0.0 
-1. a 
( h J SEC(3ND LEVEL 0 I SPLACEMEN r . INCH 
-0 A A f\ (\ 1\ A. ,J\... f\ A 1\ /\ D f\ "'- A bAn, A f\ A I\rv 
-- VVlJV V'F\J or vv V V V \j'Tvv Q~ " • \TV v 
Ii 1 FIRST LEVEL DISPLACEMENT p INCH 
J J I I I I I I 
o 1 2 :3 ij 5 6 , 8 9 10 11 12 
TIME. SEC 
Fig. 4.7 (Cont1d) Observed Response, Test Run Fl-2 
1.0 
0.0 
-1.0 
2.0 
0.0 
-2.0 
100 
o. 
a 2 3 4 
116 
5 6 
(a) BRSE RCCELERRTI~N. G 
( b) BRSE SHERR. KIP 
Ie) BRSE ~VER1URNING M~MEN1. KIF-INCH 
I 
7 a 9 10 11 12 
TIME. SEC 
FIG. 4.8 Observed Response, Test Run Fl-3 
117 
0.0 
-1.0 
( d) TH 1 RD LEVEL ~CCELERR11 ON. G 
0.0 
-1.0 
(e) SECeJND LEVEL FlCCELERFIl 1 ON. G 
1.0 
0.0 
-1.0 
( f J FIRST LEVEL RCCELERR11 ON. G 
I 
o 2 3 4 5 5 7 8 9 10 11 12 
lINE. SEC 
FIG. 4.8(Cont 1 d) Observed Response, Test Run Fl-3 
2.0 118 
0.0 
-2110 
( g) TH I RO LEVEL 0 I SPLACEMEN T B INCH 
2.0 
0.0 
-2110 
(h) SECOND LEVEL D I SPLRCEHENT II INCH 
2.0 
0.0 
.... 2110 
(i) FIRST LEVEL DISPLACEMENT. INCH 
I I I I I I I I 
o 1 2 ij 5 6 7 a 9 10 11 12 
TIME. SEC 
Fig. 4.8: (Cont1d) Observed Response, Test Run Fl-3 
119 
1.0 
0.0 
-1 _ 0 
( a) B~SE ~LCELERRT I ON. G 
0.0 
-2.0 
( b J B~SE SHE~A. KlP 
100· 
o. 
-100· 
( c ) BRSE eVERTURNING MeMENT. KlP-INCH 
I I 
0 1 2 3 4 5 5 7 8 S 10 11 12 
TIME. SEC 
FI G. 4.9 Observed Response, Test Run F2-1 
120 
1.0 
0.0 
(d) THIRD LEVEL RCCELERRT ION" G 
1. a 
0.0 
-1.0 
(e) SECeJND LEVEL RCCELEART HlN. G 
1. a 
0.0 
• 'W . ~~W · 
-1.0 
( f) FIRST LEVEL RCCELERRT I lJN. G 
I 
o 1 2 4 5 6 7 a 9 10 11 12 
TIME. SEC 
FIG. 4.9(Cont ' d} Observed Response, Test Run F2-1 
121 
o( g) TH1RO LEVEL 01 SPLACEHENT. INCH 
2.0 
0.0 
-2 .. 0 
( h) SfC5ND LEVEL 0 I SPUlCEMENT II INCH 
2.0 
0.0 
-2.0 
(i) F1ASl LEVEL DISPLACEMENT. INCH 
I I I I I I 
o· 1 2 4 5 6 7 B 9 10 11 12 
lIME. SEC 
FIG. 4.9(Cont 1 d) Observed Response, Test Run F2-1 
122 
0.5 
0.0 
-0.5 (a) Test Run Fl-l, S1 20= 4.2 in., 9 
'---- 0.0 
-0.5 
(b) Test Run Fl-2, S1 20= 8.5 in., 9 
LO 
0.0 
-1.0 (c) Test 'Run Fl-3, SI 20= 16.5 in., 9 
I I I f I I I I I I I I I 
0 1 2 3 4 5 6 7 8 9 10 1 1 12 
Time, sec 
FIG., 4.10 Comparison of Third Level Absolute Acce]erationSignals in Test Fl 
123 
0.5 
0.0 
-0.5 (a) Test Run Fl-1, SI20= 4.2 in., 9 
0.5 
0.0 
-0.5 (b) Test Run Fl-2, SI20= 8.5 in., 9 
1.0 
0.0 
-1.0 (c) Test Run Fl-3, 51 20= 16.5 in., 9 
I I I I I I , I I I I I I 
0 1 2 3 4 5 6 7 8 9 10 1 1 12 
Time, sec 
FIG. 4.11 Comparison of First Level Absolute Acceleration Signals in Test F1 
124 
0.5 
0.0 
-o.s 
(a) Test Run Fl-1, SI20= 4.2 in., inch 
-1.0 
(b) Test Run Fl-2, SI20= 8.5 in., inch 
2.0 
0.0 
-2.0 (c) Test Run Fl-3, SI 20= 16.5 in., inch 
I I I I I I I I I I I I I 
o 1 2 3 4 5 6 7 8 9 10 1 1 12 
Time, sec 
FIG. 4.12 Comparison of Third Level Displacement Signals in Test Fl 
125 
-2.0 
0.0 
-2.0 
(a) Test Run F1-1, 51 20= 4.2 in., kip 
2.0 
0.0 
-2.0 
(b) Test Run Fl-2, 51 20= 8.5 in., kip 
2.0 
0.0 
-2.0 
(c) Test Run Fl-3, 51 20= 16.5 in., kip 
I I I I I I I I I I I I I 
0 1 2 3 4 5 6 7 B 9 10 1 1 12 
Time, sec 
FIG. 4.13 Comparison of Base Shear Signals in Test Fl 
126 
100 
a 
-100 (a) Test Run Fl-l, SI 20= 4.5 in., kip-in. 
100 
a 
-100 (b) Test Run F~1 .. 2, SI 20= 8.5 in .. , kip-in .. 
(c) Test Run Fl-3, SI20= 16.5 in., kip-in. 
I I I I I I I I I I I I I O· 1 2 3 4 5 6 7 8 9 10 1 1 12 
Time, sec 
FIG. 4.14 Comparison of Base Overturning Moment Signals in Test Fl 
c.. 
or-
~ 
... 
s.. 2.0 
res 
OJ 
.c: 
(./) 
OJ 1 .5 
(/) 
res 
ca 
to 
First Level Displ., inch 
-1.5 TEST F2-1 
-2.0 
FIG. 4.15 Base Shear-First Level Displacement Relation Observed in Test Run F2-1 
.....a 
N 
........ 
2 
1 
0.0 
128 
Test Fl-1 Test Fl-2 Test Fl-3 Test F2-1 
0.5 
Maximum deformation observed 
from tests. 
-- Mode shape from theory. 
Mode shapes normalized to observed maximum 
displacement at third level. 
1.0 1.5 2.0 2.5 
Displacement, inch 
Fi g. 4. 16 Mode Shapes for Frame Structures by Linear System 
Transfer Function Method 
3.0 
129 
3.0 
• 
• (/) 
c.. 2.0 Test F1 Test F2 or-
.::.t. 
... 
>-
~ 
Cl) 
..c: 
(/') 
Cl) 
(/) 
~ 
co With P-ll Effect 1.0 0 • 
0 • Without P-ll Effect 
0.0 5 10 15 20 
Spectrum Intensity (51 20 ), inch 
Fig. 4.17: Maximum Base Shears Ubserved in Frame Tests 
130 
200 
0.0 5 10 15 
Spectrum Intensity (SI 20), inch 
Fig. 4.18: Maximum Base Overturning Moments Observed in 
Frame Tests 
20 
131 
1.4 f 1 1 I 
o. First Level Acceleration 
.6.~ Second Level Acce 1 era ti on 
1.2 
-
0 Third Level Acceleration -
1 .0 ~ ..... 
O'l 
.. 
VI 0 
...-
CIJ 
> 
GJ 0 ...J 0.8 
-
-
E I fC cv 
cc 
...., 
~ ,...., u 
VI 
c 
0 0.6 .- ~ .6. -...., 
.., 
s... 
Q) 
...-
GJ 0 U 
U 
< 
§ 0.4 ~ .... e 
--
Test Fl Test F2 x 
~ 
:c 0 
0.2 - -
I 1 I I 
0.0 5 10 15 20 25 
Spectrum Intensity (S1 20 ) , inch 
Fig. 4.19: Maximum Accelerations Observed in Frame Tests 
..c 
u 
t: 
or-
... 
en 
2.0 ,.... Q) 
> Q) 
...J 
E 
ItS 
Q) 
c:c 
...., 
re 
...., 
t: 
Q) 
m 
u 
re 
....-
0.. 
en 
'r-
e 
E 
::s 
E 1 .0 or-
X 
~ 
o 
132 
First Level Displacement 
Second Level Displacement 
Third Level Displacement 
Test Fl 
5 10 15 
• 
• 
Test F2 
20 
Spectrum Intensity (51 20 ), inch 
Fig. 4.20: Maximum Displacements Observed in Frame Tests 
25 
( 
/) I 'IY J~ 
(a) Before Test (b) After Tes t Run Fl-l 
FIG. 4.21 Crack Patterns Observed During Frame Test F1 
\ 
....... 
w 
w 
[ tJr'.. ,- '~"ff"--
I I 
/ ) I /) f \ 
(c) After Test Run Fl-·2 (d.) After Test Run Fl-3 
FIG .. 4.21 (contUdJ~ Crack Patterns Observed During Frame Test F1 
....... 
w 
.g::" 
( a ) B e f 01 re T est (b) After Test Run F2-1 
FIG. 4.22 Crack Patterns Observed Duri~g Frame Test F2 
--' 
W 
01 
1 .0 
0.0 
-1.0 
1.0 
0.0 
-1.0 
o 2 3 
(a) Base Shear from Test Fl-3, kip 
4 
(b) Base Shear from Test F2-1, kip 
557 
TINE. SEC 
8 9 10 
FIG. 4.23 Effect of Previous Loading on Base Shear Waveform 
11 12 
w 
(j) 
50. 
o. 
-50. 
50. 
o. 
-50. 
o 1 2 
(a) Base Overturning Moment from Test Fl-3, kip-in. 
3. 
(b) Base Overturning Moment from Test F2-1, kip-in. 
4 567 
TINE. SEC 
a s 10 11 12 
FIG. 4.24 Effect of Previous Loading on Base Overturning Moment Waveform 
--' 
w 
" 
1.0 
0.0--.-· \~~v"'\MJflvwM~MrMwJh~ 
-1.0 
(a) First Level Acceleration from Test Fl-3, g 
1.0 
0.0 
-1.0 (b) First Level Acceleration ·from Test F2-l, g 
o 1 234 567 a 9 10 11 12 
TINE. SEC 
FIG. 4.25 Effect of Previous Loading on First Level Acceleration Signal 
.-A 
W 
0:> 
1.0 
0.0 
-1 .. 0 
1.0 
0.0 
-1.0 
o 2 
(a) Third Level Acceleration from Test Fl-3, g 
(b) Third Level Acceleration from Test F2-l, g 
3· 4 567 
T1NE. SEC 
8 9 10 11 12 
FIG. 4.26 Effect of Previous Loading on Third Level Acceleration Signal 
--' 
tAl 
\.0 
2.0 
0.0 
-2.0 
2 .. 0 
0.0 
-2 .. 0 
o 1 2 :3 
A ~ A V \IV V\J\f\fv 
(a) Third Level Displacement from Test Fl-3, inch 
(b) Third Level Displacement from Test F2-1<J inch 
4 567' 
lIME, SEC 
8 s 10 11 12 
FIG. 4.27 Effect of Previous Loading on Third Level Displacement Signal 
....,., 
.;:::.. 
o 
0.30 
-0.30 
0.5 
0.0 
-0.5 
1.0 
0.0 
-1.0 
3.0 
0.0 
-3.0 
o 2 
141 
(a) Scaled El Centro t NS) 1940 Record, 9 
lb) Base Acceleration Observed Uuring Test Run Sl-l, 9 
(c) Base Acceleration Observed During Test Kun 51-2; 9 
ld) Base Acceleration Observed During Test Run Sl-3, 9 
3 4 5 6 7 8 9 10 11 12 
Time, sec 
FIG. 5.1 Input and Observed Base Acceleration Waveforms in Test S1 (E1 Centro) 
0.20 r 
0.00 
-0.20 
0.6 
0.0 
-0.6 
1.5 
0.0 
-1.5 
4.0 
0.0 
-4.0 
I I I 
0 1 2 
142 
ta) Scaled Taft (N21E) 1952 Record, g 
tb) Base Acceleration Observed During lest Run 52-1, g 
(c) Base Acceleration Observed During Test Run 52-2, -g 
td) Base Acceleration Observed Uuring lest Run 52-3, 9 
I I I I I I I I I I 
3 4 5 6 7 8 9 10 11 12 
Time, sec 
FIG. 5.2 Input and Observed Base Acceleration Wavefonns ;'n Test 52 (Taft) 
100 .. i ~ , I III 200 .. 
Damping Factor = 0.0, 0.02, 0.05, 
50. ~/ 0.10,0.20 , -r--t 100 .. I ,/ I , / I ,/ I '-/ I 
U 
OJ 
til 
" . L /1"'- JA{\~ JfA\~ ~ /i 50. c 
..... 20 . 
'" 
>, 
+-> 
.~. 10. I :a~'jf "I:a ~ £ 1" ~\. ~~ Co 9+:l ~' I r \ \j( If '" )\ r" ( X I 20. 0 
r-- /1 ~/JI~ ~~ \\r\ fvXI --' OJ ..j::::o >- W I s. 10. 0 
"0 
:;, 
OJ 
U') 
0.. .~ /1"'- A''''- /'k /1"'- )( \K'vJ;if 1 s. 2 .. 
1 • 2. 
.0 0.50 1.00 ·2.00 5.00 10.00 20.00 50.0 
Frequency, Hz Frequency, Hz 
(a) Test Run 51-1 (b) Test Run Sl-2 
FIG. 5.3 Response Spectra of Base Motion during Shear Wal1- Frame Tests Sl and 52 
500. , () " -' ", '" ., ( ) () , 100.5 () Q() H Cd (j )( £ 
50. 
1'../ I 
'" /1 ""-/ '''' / I ""- / I ",,-.,r I u 200. OJ 
VI 
......... 
. 
c I~ ~I~ LI ! V ;~ ',,:,Qy< 1"1. 1J. ,/ I ,,/ I 20. .,.... 100. < > R< > A 
... 
>, 
..j..) I " .... )4)....">1 xc.. ~ J-"",,'V J 1\" .... "'1 I ", 7/ V~ .... 7/ I 10. . ,.... 50 . 
u 
0 
r--
OJ 
> lJI/~~~~/tJ S. I lI\\)IJ/rX I V IX f'X\}\\ 'SVI\ \) ~ 0 
-0 20. 
::::s 
OJ 
VI 
0... 
10. 2. 
0.10,0.20 
0.50 1.00 2.00 5.00 10.00 20.00 
1. 
50.0 0.50 1.00 2 .. 00 50.0 5. 5.00 10.00 20.00 
Frequency, Hz Frequency, Hz 
(c) Test Run Sl-3 (d) Test Run S2-1 
FIG. 5.3(Cont 1 d) Response Spectra of Base Motion during Shear Wall-Frame Tests Sl and S2 
200. i 7« 7'< i 7\: i )« )\ I 7'(F I 500 - i <) < ) <, < , ( , _ <:,. I 
100. 
IA~~I/ f'lIAJ~I/ ~I . 200. 
u 
Q) 
V) 50 
'-:- . I ~ J /t,,:1...l\ J )(( \ 'vi \ U'NI I /'... U Y 100. 
s:: 
or-
on 
~ 20. I '\/ 1/ ~1I X/.'/ b }VI' \ vI hVA \ k:f )Jt7\1\ II 'VI \ I SO. 
or-
U 
0 
r--
Q) 10. > 
i ~ AtJ 20. 0 ~A / "i/ ~y ~ I / "~~l --' "t:J .+::>-::::s U1 
Q) 5. til 
0- f" ; n~mninn lI=~rtnV' = n n~ n n?_ n nr;_ I ~\ ,,. 10. 
2. s. 
0.50 1.00 2.00 5.00 10.00 50.0 0.50 1. 00 2. 00 5.00 
Frequency, Hz Frequency, Hz 
(e) Test Run 52-2 (f) Test Run 52-3 
FIG. 5.3(Cont ' d) Response Spectra o~ Base Motion during Shear Wall-Frame Tests 51 and S2 
u 
OJ 
V) 
.......... 
. 
s::: D,... 
... 
>, 
~ D,... 
U 
0 
...-
OJ 
:::-
I 
0 
'"C 
;:, 
OJ 
V) 
0.. 
100 
50 
20 
10 
5 
2 
1 
0.5 
0.5 
146 
1 2 5 10 20 50 
Frequency, Hz 
FIG. 5. ~ Response Spectra (p =0.05) of Input and Observed· 
Acceleration Signals in Test Sl 
u 
Q) 
VI 
.......... 
. 
s:::: 
..... 
'" >, 
+J 
.r-
U 
0 
..-
Q) 
:::> 
I 
0 
\:J 
:::s 
(1) 
VI 
0.. 
100 
50 
20 
10 
5 
2 
1 
0.5 
0.5 
147 
1 2 5 10 20 
Frequency, Hz 
FIG. 5. G Response Spectra (r =0. 05) of Input and Observed 
Acceleration Signals in Test 52 
50 
148 
0.5 
0.0 
-0.5 
(a] BRSE RCCELE~TION. G 
3.0 
0.0 
-3.0 
( b J BRSE SHERR. KIF 
iOO. 
{Cl BRSE ~VERTURNING N~NENT. KIF-IN. 
I 
o 1 2 3 4 5 6 7 8 9 10 11 12 
TINE. SEC 
.FIG. 5.6 Observed Response, Test Run 51-1 
149 
1.0 
0.0 
-1.0 
( d) THIRD LEVEL RCCELEffiT HlN. G 
1. a 
0.0 
-1 .. 0 
( e) SECCINO LEVEL RCCElERRT ION. G 
1.0 
0.0 
-1.0 
( f 1 FIRST LEVEL RCCElERRT I ON • G 
I 
a 1 2 6 6 7 a S 10 11 12 
lIME. SEC 
FIG. 5.6(Cont ' d) Observed Response, Test Run 51-1 
0.5 
0.0 
-0.5 
0.5 
0.0 
-0.5 
0.5 
0.0 
-0.5 
a 1 2 :3 
150 
( g) TH I RO LEVEL 01 SPLf:lCENENT • INCH 
(hJ SEC~NO LEVEL OISPL~CEMENT. INCH 
..... v-..vv VV 
[ i) fIRST LEVEL 01 SPL~CENEN1 • INCH 
I 
557 
TINE. SEC 
a 9 10 11 12 
FIG. 5.6(Cont 1 d) Observed Response, Test Run 51-1 
1.0 
0.0 
-1. a 
4.0 
0.0 
-4.0 
150. 
o. 
-150. 
(] 1 2 
151 
( a] B~SE i=lCCELERAT I t'lN. G 
(b) B~SE SHE~R. KIP 
v v V " V 
T~ Me:;z Refe~er:ce Rcom 
~~!75~3~~y :f Illinois 
r" , 
!..... r' .:' ...;.;..: ... __ 
~.'_ - r'::: --: ....... -:-;~ 
- -- - '- -. -,--=--i 
Ie J B~SE GVERTURNING MGMENT" KIP-IN. 
I 
567 
TIME. SEC 
a 9 
FIG. 5.7 Observed Response, Test Run Sl-2 
10 11 12 
1.5 
0.0 
-1.5 
1.5 
0.0 
-1.5 
1.5 
0.0 
-1.5 
o 1 2 3 4 
152 
Cd J THIRD LEVEL RCCELE~T ION. G 
( e) 9ECelND LEVEL RCCELERRT ION. G 
( f) FIRST LEVEL RCCELEART I LIN. G 
I· 
567 
TIME. SEC 
8 9 10 11 12 
FIG. 5.7(Cont 1 d) Observed Response, Test Run 51-2 
0.0 
-1.0 
1.0 
-1.0 
a 1 2 4 
153 
(gl THIRD LEVEL OISPLRCEMEN1. INCH 
(hl SEC~NO LEVEL DISPLRCEMENT. INCH 
..... 
{i] FIRST LEVEL DISPLRCEHEN1. INCH 
I 
567 
TINE .. SEC 
10 11 12 
FIG.. 5.7(Cont Dd) Observed Response, Test Run 51-2 
154 
3.0 
0.0 
-3.0 
( a) BRSE RCCELERRT I ClN • G 
4.0 
0.0 
-4.0 
( b) BRSE SHERR v KIF 
150. 
o. 
-150. 
[ c) BRSE ~VERTURNING M~MENT9 KIF-IN. 
o 2 4 5 f5 7 a s 10 11 12 
TIME. SEC 
FIG. 5.8 Observed Response, Test Run 51-3 
155 
2.0 
0.0 
-2.0 
( d) TH I RO LEVEL RCCELERRT ION. G 
2.0 
0.0 
-2.0 
( e J SECeJNO LEVEL RCCELERRT I ON, G 
0.0 
-2.0 
[ f J F I I9ST LEVEL RCCELERRT I LIN " G 
I 
o 1 2 :3 5 6 7 a S 10 11 12 
TINE .. SEC 
FIG. 5.8(Cont B d) Observed Response. Test Run 51-3 
156 
2.0 
0.0 
-2.0 
( g) TH I RO LEVEL 0 I SPLRCEMENl • INCH 
2.0 
0.0 
-2.0 
( h] SECeJNO LEVEL 0 I SPLRCEMENT " INCH 
2.0 
-2.J 
0.0 ~/I. 0 f\ M D ~ f\ r... A.. _ _ 1\ ~ eo 
"" V \rv,\ 7 C;:»VG 'C\fvv~\7 ~vw V'CJO '¥vv ~ 
. v 
( i) FIRST LEVEL OISPLRCEMEN1. INCH 
Q 1 2 :3 4 S 6 7 a 9 10 11 12 
TINE. SEC 
FIG. 5.8(Cont 1 d) Observed Response, Test Run 51-3 
157 
0.6 
0.0 
-0.6 
( a) . 8R5E RCCELERRTI~N. G 
3.0 
0.0 
-s.o 
( b) 8R5E SHERR. KIF 
100. 
o. 
-100. 
(C) 8RSE eJVERTURNI NG NeJNENT .. KIF-IN. 
I 
o 1 2 5 6 7 a s 10 11 12 
TIME .. SEC 
FIG. 5.9 Observed Response, Test Run 52-1 
158 
1.0 
0.0 
( d} TH I RD LEVEL RCCELERRT I LIN • G 
1.0 
0.0 
-1.0 
( e J 9ECeJND LEVEL RCCELERRT I LIN p G 
1.0~ 
0.0 
-1.0 
r f J FIRST LEVEL RCCELERRT I LIN.. G 
~-----;----+--~~-----~I----~--4-------+I---4I-----~--4----+--~ 
o 1 2 :3 4 5 5 7 8 S 10 11 12 
TIME .. SEC 
FIG. 5.9(Cont 1d) Observed Response, Test Run 52-1 
159 
Q.S 
0.0 
-o.J 
g) THIRD LEVEL DISPLRCEMEN1.. INCH· 
o.s 
0.0 
-0.5 
( h 1 SECeJND LEVEL 0 I 5PLRCEMENT .. INCH 
o.s 
0.0 
-0.5 
(i J fIRST LEVEL D I SPLRCEMENT " INCH 
I 
Q 1 2 a 9 10 11 12 
FIG. 5.9(Cont Rd) Observed Response, Test Run 52-1 
1.5 
0.0 
-1.5 
4.0 
0.0 
~4.0 
150. 
o 1 2 
160 
( a J BRSE RCCElERRT I LIN • G 
( b J BRSE SHERR.. KIF 
( c J BRSE eJVER1URNJNG NelMEN1. KIF-IN. 
:3 567 
TIME .. SEC 
8 9 
FIG. 5.10 Observed Response, Test Run S2-2 
10 11 12 
161 
1.5 
0.0 
-1.5 
( d) THIRD LEVEL RCCELERRT I ON. G 
1.5 
0.0 
-1.5-
( e) SECeiND LEVEL RCCELERRT I l'lN. G 
1.5 
0.0 
-1.51 
( f J F] RST LEVEL RCCELE~T I ON • . G 
I 
Q 1 2 :3 4 5 6 7 a s 10 11 12 
TINE. SEC 
FIG. 5.10(Cont Dd) Observed Response, Test Run 52-2 
-1.0 
1.0 
0.0 
-1.0 
1.0 
0.0 
-1.0 
a 1 2 3 
162 
5 6 
( 9 J TH I f() LEVEL 0 I SPLRCEMENT • INCH 
(hl SECGNO LEVEL DISPLACEMENT. INCH 
(iJ FIRST LEVEL DISPLRCEMENT. 
I 
7 a 9 10 11 
INCH 
I 
12 
TIME. SEC 
FIG.. 5.10(Cont 8 d) Observed Response, Test Run S2-2 
163 
4.0 
0.0 
-4.0 
(a) BRSE RCCELERRTICN. G 
6.0 
0.0 
..... 6.0 
(b) BI=ISE SHERR. KIP 
150. 
o. 
Ie) BI=ISE ~VER1URN1NG M~NEN1. KIP-IN. 
I 
a 1 2 5 5 7 a S 10 11 12 
lIME .. SEC 
FIG. 5.11 Observed Response, Test Run S2-3 
164 
( d J TH I FIJ LEVEL RCCELERAT I ClN • G 
Z.D 
O.D 
( e) SECGNC LEVEL RCCELERRT I ON /I G 
Z.D 
0.0 
-2.0 
( f 1 fIRST LEVEL ACCELERRT I ClN II G 
I 
.0 1 2 5 5 7 a 10 11 12 
FIG. 5.11(Cont 1 d) Observed Response, Test Run 52-3 
165 
2.0 
0.0 
-2.0 
( 9 J TH I RO LEVEL 01 SPLRCEMENT " INCH 
2.0 
0.0 
-2.0 
( h) SECGNO LEVEL [) I SPLRCEMENT " INCH 
2.0 
0.0 
-2.0 
( i J fIRST LEVEL OISPL~CEMENT. INCH 
I I 
a 1 2 :3 4 5 6 7 a 9 10 11 ' 12 
TIME" SEC 
FIG. 5.11(COnt 1 d) Observed Response, Test Run 52-3 
166 
1.0 
0.0 
-LO 
(a) Test Run 52-1, 51 20= 7.9 inch, 9 
1.5 
0.0 I 
-LJ 
- r v I W , i v 1'111"" ~ I' , '1" · " 
2.0 
0.0 
-2 .. 0 
o 2 3 
(b) T~st Run 52-2, 51 20= 15.2 inch, 9 
(c) Test Run 52-3, 5120= 34.2 inch, 9 
4 567 
TIME. SEC 
a 9 10 
FIG. 5.12 Comparison of Third Level Absolute Acceleration Signals 
in Test 52 (Taft) 
I 
. ,
11 12 
0.0 
-1.0 
1.5 
0.0 
-1.5 
2.0 
0.0 
-2.0 
167 
(a) Test Run 52-1,51 20= 7.9 inch, g 
(b) Test Run 52-2, 5120= 15.2 inch, g 
ec) Test Run S2-3, S120= 34 .. 2 inch, . 9 
Q 1 2 :3 5 (5 7 a s 10 
TIME" SEC 
FIG. 5.13 Comparison of First Level Absolute Acceleration 5ignals 
in Test S2 (Taft) 
11 12 
168 
0.5 
0.0 
-0.5 
(a) Test Run 52-1,51 20= 7.9 inch, inch 
1.0 
0.0 
-1.0 
(b) Test Run 52-2, 51 20= 15.2 inch, inch 
0.0 
-2.0 
(c) Test Run 52-3, 51 20= 34.2 inch, inch 
I I I I 
0 1 2 3 4 5 5 7 a 9 10 11 12 
TINE. SEC 
FIG. 5.14 Comparison of Third Level Displacement Signals in Test 52 (Taft) 
s.o 
0.0 
-.3.0 
4.0 
0.0 
-:-4.0 
6.0 
0.0 
~6.0 
o 1 2 3 
169 
(a) Test Run S2-1, S1 20= 7.9 inch, kip 
(b) Test Run S2-2, S1 20= 15.2 inch, kip 
(c) Test Run S2-3, S1 20= 34.2 inch, kip 
I 
l:l 5 6 7 a S 10 11 
TIME" SEC 
FIG. 5.15 Comparison of Base Shear Signals in Test S2 (Taft) 
12 
100. 
o. 
-100. 
-150. 
o. 
-150. 
o 1 2 
170 
(a) Test Run S2-1, 51 20= 7.9 inch, kip-inch 
(b) Test Run 52-2, SI 20= 15.2 inch, kip-inch 
(c) Test Run S2-3, SI 20= 34.2 inch, kip-inch 
4 557 
TIME .. SEC 
a s 10 11 12 
FIG. 5.16 Comparison of Base Overturning Moment Signals in Test S2 (Taft) 
171 
0.24 
0.20 o 
o. 16 
S- • 0 
+-> 
u 0 rcr 
I..L.. ll. 0"l0.12 
c ll. 
.,.... 
c.. 
E 
rcr 
0. 0 Test S1 0.08 A Test S2 0 
• Test Fl 
• Test F2 0.04 
0.0 
2 3 4 5 6 7 
Estimated Period/Computed Uncracked Period 
Fig. 5.17: Apparent Damping Factors and Estimated Periods 
,.... 
CIJ 
> 
CIJ 
.-J 
E 
tC 
CIJ 
co 
Test Sl-l 
0.0 0.5 
172 
Test Sl-2 Test Sl-3 
Maximum deformation observed 
from test. 
-- Mode shape from theory 
Mode shapes normalized to observed maximum 
displacement at third level. 
1.0 1.5 2.0 
Displacement, inch 
(a) Test Sl 
2.5 
Fig. 5~18 Mode Shapes for Shear Wall-Frame Structures by linear System 
Transfer Function Method 
3.0 
...-
CIJ 
> 
CIJ 
....I 
E 
ttl 
CIJ 
co 
3 
2 
1 
0.0 
173 
Test S2-1 Test S2-2 Test S2-3 
0.5 
--- Maximum deformati on observed 
from test. 
------- Mode Shape from theory 
Mode shapes normalized to observed maximum 
displacement at third level. 
1.0 1.5 2.0 2.5 
Displacement, inch 
(b) Test S2 (Taft) 
:-Fjg. 5.18 (Cont'd) Mode Shapes for Shear Wall-Frame Structures by Linear 
System Transfer Function Method 
3.0 
6.0 l L 200m , 
5.0 
IIiII ~ III 
.c 
u 
e: 
'7 150 
0-
'r-
.::L 
~ 4.0 '" +l 
.,... e: 
~ ~ 
... 0 
So- :E 
ftS 
OJ 0) 
-'= 
e: 
V') .r-
3.0 
e: 
OJ ~ 100 (/) 
ftS +l 
c::o So-OJ II I .-I E > '-J :::s 0 .t:::. 
E OJ .,... 
>< (/) 
ftS ftS I :E 2.0 0 Test 51 (El Centro) c::o 0 Test Sl (E1 Centro) c 
:::s 
[] Test S2 (Taft) I E 501_: D Test S2 tTaft) 'r-X 
tt1 
:E 
LoL (Without p-~ Effect) I (Wi thout p-~ Effect) 
0.0 ' , o I ' 
10 20 30 40 10 20 30 40 
Spectral Intensity (SI 20 ), inch Spectral Intensity (SI 20 )' inch 
Fig. 5.19: Maximum Response Observed at Base in Shear Wall-Frame Tests 
It 
3.0 
2.5 
~~. 0 
C') 
...-
CIJ 
> 
CIJ 
....J 
E 1.5 
rtS 
CIJ 
co 
...., 
rtS 
c: 
0 
."... 1.0 ...., 
rtS 
s... 
CIJ 
...-
CIJ 
U 
U 
c:( 
E 
:3 0.5 E 
."... 
x 
~ I 
0.0 
o Third Level Acceleration 
~ Second Level Acceleration 
o First level Acceleration 
//'-~/ 
~o~ 
IIIISII'0 A....~ 
Test Sl (El Centro) 
10.0 20.0 30.0 
I 
0.0 10.0 
Spectral Intensity (SI 20 ), inch 
Test S2 (Taft) 
20.0 30.0 
Fig. 5.20 Maximum Accelerations Observed in Shear Wall-Frame Tests 
I --' -...J (J"1 
40.0 
3.0 
I [] Third Level Displacement 
~ Second Level Displacement 
2.5 () First Level Displacement ,JJ 
~ f / . 
. ~ / / 
'OJ 2.0 / / 
~ / / ~ / 
m / t /./" ~ 1.5 / ;1./ 
. / I ~ ~ I /' ~ ~ / /' 1 .. /' .~ 1.0 P / I . ~ / ,. 1.1 ~ / I / d. 
0.5 I / 
~,/ 
Test Sl (E1 Centro) I ~ Test S2 (Taft) 
0.0 10.0 20.0 30.0 0.0 10.0 20.0 30.0 40.0 
Spectral Intensity (SI 20 ), inch 
Fig. 5.21 Maximum Displacements Observed in Shear Wall-Frame Tests 
------
-------
.... ,
-----
-_ .................. 
~ 
-----
+ 
rW~J 
(a) Frame (b) Shear Wall 
FIG. 5.22 Crack Pattern Before Test Sl due to Shrinkage and Accidents 
--' 
'-J 
'-J 
____ 4lIIIIIEII8_ 
-----
--__ GIIIlIIIa 
(a) Frame (b) Shear Wall 
FIG. 5.23 Crack Pattern Observed in Test Structure Sl after Run Sl-1 
-----
-----
-----
(a) Frame (b) Shear Wall. 
FIG .. 5.24 Crack Pattern Observed in Test Structure Sl after Run Sl-2 
'-J 
\..0 
-----
-----
(a) Frame (b) Shear Wall 
FIG. 5. 2 5 era c k Pat tern 0 b s e r ve din T est S t rue t u reS 1 aft erR u n S 1 - 3 
--I 
00 
o 
-----
----.. -
-..... 
~ 
ex> 
~ 
/--
I 
(a) Frame (b) Shear Wall 
FIG. 5.26 Crack Pattern B:efore Test S2 due to Shrinkage and Accidents 
GIIIIiIII/IIIIIIillIt __ _ 
V/j\~\ 
\ /~,: x), 
(a) Frame ( b ) She a r ~~ a 11 
FIG. 5.27 Crack Pattern Observed in Test Structure S2 after Run S2-1 
--' 
00 
N 
V/J'\-\ 
\ I~I: 'A 
(a) Frame (b) Shear Wall 
FIG. 5.28 Crack Pattern Observed in Test Structure S2 after Run S2-2 
--I 
(X) 
w 
.\ I 
(a) Frame (b) Shear Wall 
FI G. 5.29 Crack Pattern Ob~erved in Test StructureS2 after Run S2-3 
--' 
00 
..t::. 
50.0 
40.0 
..c: ~~Test 52 (3 runs) u !::: or- 30.0 
........ 
0 
N 
....... 
(/') 
>, 
01-> 
~Test Sl (3 runs) ...... or- 20.0 ~ co VI c.n I:: 111IIIIIIII QJ 
01-> 
I:: 
....... 
I /~ Test F2 (1 run) ...-ttS 
s-
ol-> 
u 10.0 QJ 
"-Test F1 (3 runs) c.. II ~ ~ (/') 
0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 
Maximum First Level Displacement, inch 
Fig. 5.30 Maximum First Story Displacements from Frame and Shear Wall-Frame Structure Tests 
6.0 
-Test S2 (3 runs) 
5.0 
Test Sl (3 runs) 
I /' 
4.0 
c.. 
or-
~ 
S\ 
s-
ItS 
aJ 3.0 I ..c: 0 I --' en ex:> III 
'" 
aJ 
V') 
ItS 
co 
~Test Fl (3 runs) E I Test F2 (1 run) ::;, E 
.r- 2.0 x 
~ 
1.0 
(Base Shear including P- Effect) 
0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 
Maximum First level Displacement, inch 
Fig. 5.31 Maximum Base Shears from Frame and Shear Wall-Frame Structure Tests 
200.0 
..c 
150.0 I 
.r ~ '~Test S2 (3 runs) 
u 
s:: 
.,... 
B 
a. 
.,... 
~ 
OIl 
+J 
s:: 100.0 Test F2 (1 run) OJ E 
~ I ... "-Test F1 (3 runs) I --' 00 (IJ -.J 
t/) 
ttS 
IX) 
E 
::s 
E 
.,... 
)( 50.0 ttS 
::E 
I (Base Overturning Moment including p- Effect) 
0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 
Maximum First Level Displacement, inch 
Fig. 5.32 Maximum Base Overturning Moments from Frame and Shear Wall-Frame Structure Tests 
2.0 
0.0 
-2.0 
z.o 
0.0 
-2.0 
~-T-·· 
{] 2 3 
Fig. 5.33 
(a) Third Level Displacement from Test F1-3, inch : 
(b) Third Level Displacement from Test S1-3, inch 
L. 
,-- -r--~ -T----~,----·--l 
4 567 
lIME, SEC 
8 9 10 11 
Effect of Shear Wall on Third Level Displacement 
after Damage 
12 
--' 
co 
co 
z.o 
0.0 
-z.o 
4.0 
0_0 
-Li_O 
o 2 3 
Fig. 5.34 
(a) Base Shear from Test Fl-3, kip 
(b) Base Shear from Test Sl-3, kip 
4 557 
TIME. SEC 
8 9 10 11 
Effect of Shear Wall on Base Shear after Damage 
12 
co 
lO 
50. 
o. 
-50. 
150 .. 
D. 
-150. 
o 1 
--,-
2 
(a) Base Overturning Moment from Test FI-3, kip-inch 
(b) Base Overturning Moment from Test 51-3, kip-inch 
1 l~ __ _ l --------, - ---.-- -- ---.-------. 
:3 lj 567 
TIME p SEC 
a s 10 11 12 
Fig. 5.35 Effect of Shear Wall on Base Overturning Moment 
after Damage 
--' 
\.0 
o 
0 .. 5 
o .. o .. ______ ~ ______ ~ ______ ~ __ --__ ~ 
o 5 10 15 
Specbw Iatas ity (S 120 ) , inch 
(I) Frae Structures 
20 
Fig .. 6 .. 1: COMPUted Elestie D1splK& £lab Md (J)se"ed Displacements 
3.0 
2 .. 0 
1.0 
.s::. 
u 
c 
-
... 
0.0 
'" ...-QJ 
> QJ 2.0 
.....J 
I 
4l 
as 
~ 
IIa 
'" ~ 1.0 c 
~ 
U 
ft'J 
...-
c.. 
fit 
-0 
E 0 .. 0 
:::J 
E 
-)( 
:f! 1 .. 0 
0 .. 5 
0 .. 0 
o 
192 
Third Level 
0 Observed (51 ) 
• 
Computed (Cracked) 
a Observed (52) 
• Computed (Cracked) 
Second level 
Third level 
5 10 15 
Spectrum Intensity (SI 20 ), inch 
(b) Shelr Wall-Frame Structures 
20 
Fig. 6.1: Computed Elastic Displacements and Observed Displacements 
. (Cant Bd) 
. -. 
-Q) 
> 
Q) 
..J 
E 
R:I 
Fl-3 Fl-2 Fl-1 
193 
Fl-1 Fl-2 Fl-3 
~ 1 .-----------~~~~~a_~~~----------------~ 
-2 .. 0 
F2-1 
-2.0 
-1 .. 0 
-1.0 
Observed Deformation 
0.0 1.0 
Displacement at Beam Level, inch 
(a) Test Structure Fl 
2.0 
F2-1 
Observed Deformation 
0 .. 0 1.0 2.0 
Displacement at Beam Level, inch 
(b) Test Structure F2 
3.0 
3 .. 0 
Fig. 6 .. 2: Observed Deformation and Elastic First Mode Shape 
"... 
C» 
> a.» 
-I 
E 
194 
51-2 51-1 51-1 51 ... 2 Sl ... 3 
3~------~~~--~-o----o-------
Sl-3 
Mode Shape 
Z 1 I--------o-~ 
al 
"... 
cu 
> 
GJ 
-I 
E 
GU 
Observed Deformation 
B"' ___ ~ ___ 11111/111111111 
-2.0 -1.0 0.0 1 .. 0 2.0 
Displacement at Beam level. inch 
(c) Test 5tructure Sl 
52-3 52 ... 2 52 ... 1 52 ... 1 52-2 
3 
3.0 
52-3 
:lll1t-----------IjJDt--~ 
-2.0 
Observed Deformation 
-1 .. 0 0 .. 0 1.0 
Displacement at Beam level, inch 
(d) Test 5tructure S2 
2 .. 0 
Fig. 6.2: Observed Deformation and Elastic first Mode Shape (Conted) 
3 .. 0 
<t 
J I 
R191d~ 
10M 
(JOint Spring 
III 
.>- trFlexural Spring , 
J 
I , 
Elastic 
,Member 
II 
r 
I 
II[ 
---
....: 
A 
r. 
Moment distribution assumed 
for evaluating flexural spring 
stiffness 
Curvature distribution assumed 
for evaluating flexural spring 
rotation 
Fig. 6.3: Structural Idealization and Determination of Flexural Spring Stiffness (SAKE) 
--' 
\.0 
U'1 
Moment 
ae 
8p • flexural spring rotation 
E1e == elastic member rotation 
Total Rotation 
Total Deformation 
II 
Elastic Deformation 
+ 
Inelast1'c Defonnation 
Fig. 6.4: Flexural Spring and Elastic Member Rotations 
1. 
, 
--' 
\.0 
0'1 
LO 
0.0 
-1.0 
1.0 
0.0 
-1.0 
1.0 
0.0 
-1.0 
o 
197 
(a) 0.02 Elastic First-Mode Damping Factor 
(b) 0.05 Elastic First-Mode Damping Factor 
lc) 0.10 Elastic First-Mode Damping Factor 
I 
2 5 6 7 e 9 10 11 
Fig. 6.5: 
TIMEI' SEC 
First-Level Acceleration Signals Computed with 
Mass-Proportional Damping (Test F2-l) 
12 
2 .. 0 
0 .. 0 
-2.0 
2.0 
0.0 
-2.0 
2 .. 0 
0.0 
-2 .. 0 
o 
198 
ta) 0.02 Elastic First-Mode Damping Factor 
(b) 0.05 Elastic First-Mode Damping Factor 
(c) 0.10 Elastic First-Mode Damping Factor 
1 2 5 6 '1 e 9 10 
TIME. SEC 
Fig. 6.6: Third-Level Displacement Signals Computed with 
Mass-Proportional Damping (Test F2-1) 
11 12 
1.0 
0.0 
-1.0 
-1.0 
a 
199 
(a) 0.02 Elastic First-Mode Damping Factor 
(b) 0.05 Elastic First-Mode Damping Factor 
(c) 0.10 Elastic First-Mode Damping Factor 
I I 
1 2 3 4 5 6 7 8 9 10 
TINE. SEC 
Fi g. 6. 7: First-Level Acceleration Signals Computed with 
Stiffness-Proportional Damping (Test F2-l) 
11 12 
2.0 
0.0 
-2.0 
·2 .. 0 
0.0 
~2.0 
2 .. 0 
0.0 
=2 .. 0 -
I 
0 
200 
(a) 0.02 Elastic First-Mode Damping Factor 
(b) 0.05 Elastic First-Mode Damping Factor 
v 
(c) 0.10 Elastic First-Mode Damping Factor 
i I I I I I t I 
L 2 3 ij 5 6 1 e 9 10 
TIME, SEC 
Fig. 6.8: Third-Level Displacement Signals Computed with 
Stiffness-Proportional Damping (Test F2-l) 
I 
11 12 
1.0 
0.0 
-1.0 
1.0 
-1.0 
1.0 
-1.0 
I 
0 
201 
(a) Observed Signal, g. 
(b) Computed Signal tMass-Proportional Damping), g. 
(c) Computed Signal (Stiffness-Proportional Damping), g. 
I I I I I I I I I I 
1 2 3 Ll 5 6 1 a 9 10 11 
TIME. SEC 
Fig. 6.9: Observed and Computed First-Level Acceleration Signals 
(Test F2-l, Sl = 0.05) 
I 
12 
2.0 
0.0 
-2.0 
2 .. 0 
-2 .. 0 
o 
202 
(a) Observed Signal, inch 
(b) Computed Signal (Mass-Proportional Damping), inch 
(c) Computed Signal (Stiffness-Proportional Damping), inch 
1 2 5 6 , e 9 10 11 
TIME» SEC 
Fig. 6.10: Observed and Computed Third-Level Displacement Signals 
(Test F2-l, Sl = 0.05) 
12 
0.5 
0.0 
-0.5 
0.5 
-0.5 
203 
(a) Measured Signal, g. 
(b) Computed Signal (Stiffness-Proportional Damping), g. 
(c) Computed Signal lCombined Dampings), g. 
L 2 5 6 7 e 9 10 11 
TIME. SEC 
Fi g. 6. 11 : Observed and Computed First-Level Acceleration Signals 
(Test Fl .. l, S 1 = 0.05) 
12 
0.5 
0.0 
.... 0.5 
0.5 
-0.5 
-0.5 1 
a 
204 
(a) Measured Signal, inch 
(b) Computed Signal (Stiffness-Proportional Damping), inch 
V 
(c) Computed Signal (Combined Dampings), inch 
I I I I I I I I I 
1 2 3 ij 5 6 7 8 9 10 11 
TIME. SEC 
Fig. 6.12: Observed and Computed Third-Level Displacement Signals 
(Test Fl-l, Sl = 0.05) 
I 
12 
0.5 
0.0 
-0.5 
0 .. 5 
0.0 
-0.5 
I 
0 
205 
(a) Measured Signal, g. 
(b) Computed Signal (Stiffness-Proportional Damping), g. 
(c) Computed Signal (Combined Dampings), g. 
I I I I I I I I I I 
2 3 LJ 5 6 "7 a 9 10 11 
TIME. SEC 
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Fig. 6.19: Equivalent Linearly Elastic snF Model (Test Fl-3) 
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Fig. 6.24: Equivalent Linearly Elastic SDF Model (Test S2-1) 
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APPENDIX A 
DESCRIPTION OF TEST STRUCTURES 
A total of eight identically designed frames and two identically designed 
shear walls were construc'ted in the laboratory for this study. 
A pair of frames were treated as a frame structure in tests Fl and F2~ 
A pair of frames and one shear wall were treated as a shear wall-frame struc-
ture in tests Sl and S2. 
Dimensions and fabrication of test structures are described in this 
section for frames and shear walls, separately. 
A. 1 FRAMES 
(a) Dimensions 
The overall nominal dimensions of the one-bay three-story test 
frame are given in Fig. A.1. Three beams at the first, second, and third 
stories had identical section properties. The columns were continuous from 
the base to the top with the same cross-sectional properties. 
The clear story height was 15.0 in. inside-to-inside of the two 
adjacent beams. The ends of all three beams protruded 6.0 in. from the centre 
of the columns. The top end of the columns protruded 7.0 in. from the centre 
of the third-level beam. 
A column had dimensions of 2.0 by 2.0 in. and was 67.5 in. high measured 
from the bottom face of the base girder. Beams were 2.0 in. wide, 3.0 in. 
deep and 48.0 in. long. The base girder had dimensions of 3.0 in. by 8.0 in. 
and was 60.0 in. long. All the structures were built within a fabrication 
226 
error of 0.06 in. Two horizontal holes were made at the protruding parts of 
a beam, 1.5 in. from the column face in order to support the loading rig. 
The hole was reinforced with a steel pipe of 13/16 in. inside diameter. 
Five vertical holes were made in the base girders on 12.0 in. cen-
tres in order to fasten the frame to the earthquake simulator platform. The 
holes were reinforced with steel pipes (9/16 in. inside diameter). 
(b) Reinforcement 
Arrangement of the longitudinal reinforcement is shown in Fig. A.1. 
Two No. 2 deformed bars were used as longitudinal reinforcement in beams and 
columns, and eight No.3 deformed bars were used in the base girder (Fig. A.2). 
Gross reinforcement ratio was 1.96 percent for a beam, 3.06 percent 
for a column, and 3.91 percent for the base girder. 
Number 14 gauge plain wires were used exclusively as transverse re-
inforcement in the frames. The arrangement of the transverse reinforcement is 
shown in Fig. 2.4 of Chapter 2. Stirrup reinforcement was provided at-every 
6.0 in. in a beam in order to hold longitudinal reinforcement in place during 
the casting of concrete. 
In the base girder, six stirrups at every 0.5 in. were provided on 
both sides of the column longitudinal reinforcement. One stirrup was placed 
on both sides of each steel pipe sleeve, which was used to tie the frame to 
the earthquake simulator. 
Sixteen ties at 1.0 in. spacing were provided for all the columns 
over the 15 in. clear height. 
The core of each beam-column connection was reinforced with seven 
hoops at 0.25 in. spacing. 
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The protruded parts of a beam were reinforced with 5 hoops at 0.5 in. 
spacing. The portion of columns extended above'the third beam level was 
laterally reinforced with 4 hoops at 1.0 in. spacing. 
(c) Casting and Curing 
The reinforcement cage was tied into position in a casting form, 
which consisted of a 3/4 in. plywood board at the bottom and 1/4 in. steel 
plates at the sides of the frame (Fig. A.3 and A.4). The ~teel pipe sleeves 
used for reinforcing horizontal holes were secured to the plywood by means of 
screws. Lifting hooks were inserted in the top ends of both columns before 
casting. Pipe sleeves for vertical holes were secured to the steel sides of 
the form. 
The concrete was placed in the horizontal position in the oiled form 
and vibrated externally not to disturb the reinforcement cage. Control speci-
mens were cast at the same time from the same batch of concrete. 
All of the fra~es were covered with wet burlap and plastic sheets 
immediately after the concrete surface was struck off and trowelled smooth. 
The casting form was struck down twenty-four hours after the concrete 
was cast. The frame was then covered with wet burlap and plastic sheets and 
kept moist. The wet burlap and plastic sheets were removed a week after cast-
ing. The specimen was then kept in the laboratory until the time of testing. 
A.2 SHEAR WALLS 
(a) Dimens ions 
The overall dimensions are given in Fig. 2.5 in Chapter 2. The 
cross-sectional properties for the wall were uniform throughout the height, 
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except at floor levels where connection holes were provided. The total 
height of the wall was 66.0 in. from the bottom face of the base girder and 
the width was 11.0 in. The wall thickness was 1.0 in. 
Three horizontal holes with an inside diameter of 1.0 in. were pro-
vided at each level at 4.5 in. spacing measured from the centre line of the 
wa 11 . 
The distance from the base to the first level of holes was 16.5 in. 
The distance from the first to the second level and from the second to the 
third level of holes was 18.0 in. 
The base girder had dimensions of 9.0 by 8.0 in. and was 59.0 in. 
long. Four vertical holes were made in the base girders on 12.0 in. centres 
in order to fasten the shear wall to the earthquake simulator platform. The 
holes were reinforced with steel pipes (13/16 in. inside diameter). 
(b) Reinforcement 
Arrangement of longitudinal reinforcement is shown in Fig. A.5. 
Eight No. 8 gauge plain wires were used as longitudinal reinforcement in the 
wall. Six No.9 deformed bars were used in the base girder along with a 3/8 
by 3.0 in. steel plate (52.0 in. long) which was provided to secure the longi-
tudinal reinforcement of the wall. 
No.8 gauge plain wires were also used for lateral reinforcement of 
the wall. Arrangement of the lateral reinforcement is shown in Fig. A.6. 
No. 14 gauge plain wires were used as transverse reinforcement in 
the base girder. A detailed arrangement is shown in Fig. A.7. 
(c) Casting and Curing 
The reinforcement cage was tied into position in a casting form 
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which consisted of a plywood base and 1/4 in. steel plates at the sides of 
the shear wall. The steel pipe sleeves used for' reinforcing horizontal holes 
were secured to the plywood whereas the steel pipe sleeves used for reinforc-
ing vertical holes were secured to the steel sides with screws. The reinforce-
ment cage was held in position by means of 1/4 in. nuts as spacers. 
The concrete was pladed in the horizontal position in the oiled 
form and vibrated externally not to disturb the reinforcement cage. Control 
specimens were cast at the same time from the same batch of concrete. 
Two walls and control specimens were cast from one batch of concrete. 
Both walls were then covered with wet burlap and a plastic sheet 
immediately after the concrete surface was struck off and trowelled smooth. 
The casting form was struck down twenty-four hours after the concrete was 
cast. The shear walls were then covered with wet burlap and plastic sheets 
and kept moist. The wet burlap and plastic sheets were removed a week after 
casting. The specimens were then kept in the laboratory until the time of 
testi ng. 
A.3 STEEL LOADING RIGS 
A steel weight of approximately 1,900 lbs. was attached to each floor 
level of a test structure to simulate the weight of the structure and to 
create horizontal inertia forces under a dynamic condition. The same loading 
rigs (steel weights) were used in frame tests and frame-shear wall tests with 
minor modification. 
The loading rigs (Fig. Ao6) consisted of various weights, plates and 
angles connected to each other through the use of 3/4 in. bolts. The stiff-
ness of the loading rigs was much higher than that of the test structures, 
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the loading rigs can be treated as rigid in this series of tests. 
Special care, however, was taken so that the stiffness of the loading 
rigs should have least influence on the behaviour of the test structures. A 
loading rig was attached to a test structure by means of mechanical hinges 
(Fig. A.7). The weight and inertia force of the steel rigs were transferred 
to a test structure through mechanical, hinges. However, the joints of a test 
structure could rotate freely with respect to the loading rigs. 
The loading rigs were attached to a test structure so that the centre of 
gravity (in the horizontal direction) of a loading rig should coincide with 
the centre line of beams of a test structure in order to eliminate, theoreti-
cally, additional vertical forces at the mechanical hinges due to inertia 
force from the loading rig. 
The location of a mechanical hinge was chosen as close to the centre of 
a beam-column joint as possible without obstructing a close observation of 
the behaviour and damage of the joint. 
The loading rigs were first connected to beam-column joints of a test 
structure. After a loading rig was completely supported and attached to the 
frames, mechanical hinges between a loading rig and a shear wall were placed. 
Therefore, the shear wall might be assumed to carry an axial load equal to 
only that of its own dead weight. 
-1 
7.0 
r II I 
1 B.O 
r 
'III j 
1 8.0 
, 
II j 
1 6.5 
., 
I · 
231 
6 0 . 36 0 6 0 . 
~ 
. 
... 
~ 
~ .; 
t 
~ 3.0 
1 
15.0 
/ 1-#2 Deformed Bar J 
" 
3.0 
'" 1-#2 Deformed Bar 1 
V 1-#2 Deformed Bar 15.0 ~ V 
3.0 
1 
1 5.0 
4-#3 Deformed Bars 
/'- II' 
/ 4-#3 Deformed Bars 
4@12.0 = 48.0 
FIG. A.1 Overall Dimensions and Arrangement of 
Main Reinforcement of a Frame 
No. 14 
Gage Wire 
I 0.875 .1· 1.125 
: 2.0 
(a) Beam 
No. 14 
Gage 
Wire 
~ 1.125 ~ I 0.875 2.0 
(b) Column 
: I 
:1 
232 
0.5 0.5 
1.0 
0.5 
5.0 
8.0 
0.4 
--
2.0 
1.2 
-f-
0.4 
1.0 
0.5 
0.5 0.5 
3.0 
(el Girder 
Units in inches 
FIG. A.2 Details of Frame Sections 
233 
FIG .. A .. 3 Frame Reinforcement in Casting Form 
;- f?A,~[ _J-2 
JOjNT L-1 ',I ..... 
FIG .. A.4 Detail of Beam-Column Joint in Casting Form 
0.25 
No.8 
Gage Wires 
11.0 
1-'~015L-~~ (a) Wall 
I 3.0 
~ 
No. 8 
Gage Wire 
No. 4 Deformed Bar 
9.0 
(b) Base Girder 
3 x 3/8 Steel Plate 
~ 
FIG. A.!5 Details of Shear Wall Section 
1.0 
0.375 
3.0 
1.0 
8.0 
N 
W 
~ 
Frame 
Steel Angle 
® 
( a) Plan View 
. " 
• • - •••••• It •• 
.' .. . . ,. ..... '" , 
•• ., •• e ••• '" \ I"'~I "~J!.······'·I ..... I '· 0 ..... ,a.o' .. I ... t·" - • - -t,.:.-Jillllllilimlllll ------, .. 
4.: 
.. '.:.11 e;/ __ 
.' fII· e ..... : ... , .. •• ,.2 .. ~ .... L .. : i .... :: 1: :.41 : ..... _.- ~ ..... -..: I· •.• =. '\ III ~ :. -. 
.. •••• • "'. ,,,,,0 • • ..,.!...".p ... a(J.· •• '\ .... '_'a • • ":",,,.41 ••• 4 
r- .. ........ _. IT V .. " ..... ." --z "...'. ~,. -""'"'.:..... • 4' ...... ·~.r-::-- a:··;:,fS';;· 0: ,,;' •• ,; ·'.0, •• j'::' :.,,- ..... :- .... ;' ",.' 'w .. --tiC,. '411.: 
f eo· -.. ..... ': • 
' ..... :., ....... : 
If ...... :.,,.."' ..... 
.0 ' 0 • - .'@ ••• oo • 
:.' '.~.~ ":.4: ',~ 
_. lIP. •• •• '-"~ ~ ... ' 
--------....,.....- ......:.......:. 
(b) Elevation View 
FIG. A.6 Overall View of Loading Rig 
Hinge 
Steel Angle 
N 
W 
01 
Steel Angle Steel Angle Steel Angle 
in. Bolt 
Steel Angle 
in. Bolt 
in. 
D 3/4 in. Bolt 
o 3/4 in. Bolt 
o 3/4; in. Bolt 
(a) Frame (b) Shear Wall 
FIG. A.7 Cross Section of Test Structure-Steel Weight Connection 
N 
W 
'" 
237 
APPENDIX B 
PROPERTIES OF MATERIALS 
Properties of the materials used in the test structures are described 
in this section. Test results of control specimens are listed separately for 
concrete and steel. 
B. 1 CONCRETE 
High-early-strength cement (Type III) was used in casting all the speci-
mens, which included frame structures and shear wall structures. Fine lake 
sand and Wabash. River sand were used as fine and coarse aggregate. The mix 
proportion was 1:1:4 (cement: fine aggregate: coarse aggregate) by dry weight. 
The water-cement ratio was nominally 0.7 by weight. However, this ratio was 
increased at the time of mixing to insure sufficient workability. 
A frame or shear wall test structure and control specimens were cast 
from a single batch. A typical stress-strain curve for the concrete is shown 
in Fig. B.l. The stress-strain relationship was determined from compression 
tests of 4 by 8 in. cylinders with a mechanical extensometer of a 5 in. gauge 
length. Due to the limitations of the testing machine, the descending branch 
was not measured after the maximum stress was reached. 
The compressive strength of the concrete was determined from compressive 
tests of 4 by 8 in. cylinders. The frequency distribution of compressive 
strength is plotted in Fig. B.2. The average compressive strength for frames 
from 40 cylinder tests was 4,950 psi with a range from 3,580 to 6,050 psi. 
The average compressive strength for shear walls from five cylinder tests was 
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6,760 psi with a range from 6,530 to 7,200 psi. 
Secant modulus was determined from a stress-strain curve at 40 percent 
of the compressive strength of a 4 by 8 in. cylinder. The average values for 
concrete in frames and shear walls were 3.25 x 106 psi and 3.49 x 106 psi. 
A tensile strength was determined using splitting tests of 4 by 8 in. 
cylinders. The relation between tensile strength f t and compressive strength 
f' was found to be approximately 
c 
f t ~ 6.0~, for frames and shear walls (B.l) 
The average from 24 splitting tests was 425 psi with a scatter range from 328 
to 557 psi~ for the frame specimens. The average from three splitting tests 
was 500 psi with a scatter range from 348 to 648 psi for the shear wall speci-
mens. 
The test results are summarized in Table B.l. 
B.2 REINFORCEMENT 
(a) Frame Structures 
Number 2 deformed bars (Fiorato, 1970, Otani and Sozen, 1972) were 
used as longitudinal reinforcement in all columns and beams. Number 3 de-
formed bars were used as longitudinal reinforcement in the base girders. 
Number 14 gauge plain wires (black annealed) were used exclusively as stirrup 
reinforce~ent in the columns and beams as well as in the base girders. 
When the number 2 deformed bars were prepared for use in the frames, 
the surface was covered with rust and appeared reddish-brown. No special 
treatment was carried out to clean the surface. Surfaces of the number 3 de-
formed bars and number 14 gauge wires were clean. 
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Stress-strain curves of the number 2 deformed bars were obtained 
during a tensile test using a mechanical extensometer of a 2.0 in. gauge 
length and an engineering scale. The extensometer was used for elongation 
up to approximately 1.S percent strain, and then was replaced by an engineer-
ing scale until the maximum stress was reached. A typical stress-strain 
curve is shown in Fig. B.3. 
Most of the stress-strain curves of the number 2 deformed bars had 
distinct yield plateaux up to strains of 0.08 to 1.S percent, and reached the 
ultimate stresses at 16 to 28 percent strain. An average yield stress of 
43,000 psi was obtained from 41 coupons, which were taken from the same bars 
used in the frame structures. Th~ frequency distribution of yield stresses 
is shown in Fig. B.4. An average strain at the commencement of strain harden-
ing was 1.4 percent. The average ultimate stress determined from the 41 
coupons was 66,000 psi. The ultimate strain ranged from lS to 27.S percent 
for a 2.0 in. gauge length. 
Number 3 deformed bars were taken from two different lots· of steel. 
Number 3 deformed bars for frames in test structures F1 and F2 had an average 
yield stress of 49,700 psi obtained from tests of six coupon specimens with a 
scatter range of 48,000 psi to 52,700 psi. These same coupons had an average 
ultimate stress of 6S,000 psi with a scatter range of 63,300 psi to 67,600 psi. 
The number 3 deformed bars used for frames in test structures Sl and 
S2 had an average yield stress of 78,400 pSi. A scatter range of 76,100 psi 
to 80,000 psi existed for the eight coupons tested. These same co~pons had an 
average ultimate stress of 123,300 psi with a scatter range of 120,900 psi to 
12S,100 pSi. 
240 
Number 14 gauge plain wires used as stirrups in frames had a 
nominal diameter of 0.0800 in. and a nominal area of 0.00503 in.2 Ten coupon 
specimens were taken at random and tested in tension. The average yield 
stress was 27,900 psi with a scatter range of 23,900 psi to ~9,800 psi. The 
average ultimate stress was 46,500 psi with a scatter range of 43,800 psi and 
49,700 psi. Strains at the ultimate stress ranged from 15.0 to 30.5 percent 
for a 2.0 in. gauge length. The test results are summarized in Table B.2. 
(b) Shear Wall Structures 
Longitudinal and lateral reinforcement in the shear walls consisted 
of number 8 gauge plain (black annealed) wires purchased from Central Steel 
and Wire Company, Chicago, Illinois. Number 4 deformed bars were used as 
longitudinal reinforcement in the base girders. A 3.0 x 0.375 x 52.0 in. 
steel plate, to which the wall cage was welded, was placed in all of the base 
girders to insure proper anchorage. Again, number 14 gauge wires were used 
for stirrups in the base girders. Coils made from No. 16 gauge wire with 4 
revolutions per inch and an outside diameter of 3/4 in. were placed on .the 
four outermost vertical No.8 wires to provide confinement for the concrete. 
Surfaces of the No.8 gauge wires had to be chemically cleaned to 
remove an oil coating. These wires were submerged in a bath of Sinclon 
(petroleum) Solvent, to dissolve the oil. After wiping the wires dry, they 
were wiped with rags soaked in acetone to remove any additional dirt. Surfaces 
of the No. 14 gauge plain wires were clean. 
Stress-strain curves of the No.8 gauge plain wires were obtained 
during a tensile test using a mechanical extensometer of 2.0 in. gauge length 
and an engineering scale according to the procedure outlined above. A typical 
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stress-strain curve is shown in Fig. B.5. 
Most of the stress-strain curves of the No.8 gauge wires had dis-
tinct yield plateaux up to strains of 1.0 to 1.6 percent, and reached the ulti-
mate stress,at 15 to 28 percent strain. Two separate 72 in. lengths of No.8 
gauge wire were cut into six 10 in. long pieces from one end to the other, 
discarding the first 6 in. of wire on both ends. Each coupon was subjected to 
tensile stresses up to failure. Measured yield. and ultimate stresses are 
plotted in Figs. B.6 and B.7. The plots show an approaching 7 percent of the 
average yield stress scatter in a single bar. An average yield stress of 
43,900 psi was obtained from 26 coupons, which were taken from the same bars 
used in the shear wall structures. The frequency of the yield stress is shown 
in Fig. B.8. An average ultimate stress was 53,700 psi from 29 coupon speci-
mens. An average strain at the commencement of strain hardening was 1.4 per-
cent from strain readings of 23 coupons. The ultimate strain ranged from 16 
to 26 percent in a 2.0 in. gauge length. 
Number 4 deformed bars had an average yield stress of 73,400 psi, 
obtained from tests of 3 coupons with a scatter range of 72,500 psi to 74,700 
psi. Only one bar was tested to ultimate stress. This value for ultimate 
stress was 117,000 psi. 
The values for yield stress, ultimate stress and strain are listed 
above in the previous section for the No. 14 gauge plain wires. 
The test results are summarized in Table B.3. 
TABLE B.1 
MEASURED AVERAGE RESPONSE OF CONCRETE CONTROL SPECIMENS 
WATER-CEMENT SECANT COMPRESSIVE STRENGTH, psi TENSILE STRENGTH, psi 
SPECIMEN RATIO, AGE, MODULUS* 4x8 in. 6x12in. 2x2x2 in. Splitting Modulus of 
WIC Days x 106 psi Cylinder Cylinder Cube Test Rupture 
Fl - Frame 1 0.71 143 3.41 5,220 4,970 6,620 460 900 
Fl - Frame 2 0.78 101 3.33 5,260 5,020 5,850 420 900 
F2 - Frame 1 0.77 59 3.33 5,700 5,64U 6,430 515 880 
F2 - Frame 2 0.80 34 3.14 4,760 4,670 5,870 380 820 
S1 - Frame 1 0.79 169 3. "13 4,620 5, 11 0 6,000 400 900 
S1 - Frame 2 0.80 160 3.33 4,670 4,570 5,210 390 740 
S2 - Frame 1 0.71 152 3.10 4,690 4,830 4,880 430 890 
S2 - Frame 2 0.79 119 3.27 4,700 5,150 4,520 410 930 
Walls 0.70 67 3.49 6,760 6,430 6,790 505 1 , 11 0 
~---
*Measured @ 40 percent of compressive strength in compression test of 4 x 8 in. cylinders. 
! 
N 
..p. 
N 
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TABLE B.2 
MEASURED AVERAGE RESPONSE OF NUMBER 2 DEFORMED BARS USED IN FRAMES 
SPECIMEN 
F1 - Frame 1 
Fl - Frame 2 
F2 - Frame 1 
F2 - Frame 2 
Sl - Frame 1 
Sl - Frame 2 
S2 - Frame 1 
S2 - Frame 2 
SPECIMEN 
Sl - Wa 11 
S2 - Wall 
STRESS , ksi STRAIN 
Yield Ultimate Strain Hardening 
42.7 65.9 0.013 
45.0 66.8 0.016 
46.0 67 . 1 0.018 
46. 1 66.3 0.020 
42.0 66. 1 0.012 
43.5 66.8 0.012 
43.3 67.4 0.011 
42.3 66.3 0.012 
TABLE B.3 
MEASURED AVERAGE RESPONSE OF NUMBER 8 GAUGE 
PLAIN WIRES USED IN SHEAR WALLS 
STRESS, ksi STRAIN 
Yield Ultimate Strain Hardening 
44. 1 53.5 0.015 
43.7 53.9 0.014 
Ultimate 
o. 15 
o. 15 
o. 15 
o. 15 
o. 15 
o. 15 
O. 15 
O. 15 
Ultimate 
O. 13 
0.13 
6000 
5000 
4000 
.,... 
til 
0-
til 
til 
OJ 
~ 
3000 +.l V) 
I N ~ ~ OJ I +.l Q) ~ 
u 
c:: 
0 
u 
2000 
Compressive Strength = 4900 psi 
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0.0 0.0005 0.001 0.0015 0.002 0.0025 0.003 
Concrete Strain, 1n./1n. 
FIG. B.l Representative Stress-Strain Relationship of The Concrete 
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APPENDIX C 
INSTRUMENTATION OF TESTS 
Two different types of sensors were used during each run of the tests: 
accelerometers and displacement transducers. Typical location of gauges is 
shown in Fig. C.1. 
Fourteen accelerometers were installed to measure the horizontal accel-
erations parallel to the imposed direction of motion. In tests F1 and F2, 
bne accelerometer at the top of the base girder of each frame, one accelero-
meter on one end of each beam, and two accelerometers on the rigid steel rig 
at each story level (Fig. C.2). In tests Sl and S2, the same as before, only 
now one of the accelerometers secured to the steel rig was removed and placed 
on the shear wall at each level (Fig. C.3). 
All of the accelerometers measured the absolute acceleration of the 
point of installation in the direction of the principal axis of the accelero-
meter. One Kistler Model 305T/5l5T Servo Accelerometer/Amplifier System, and 
13 ENDEVCO A-116-l5 Accelerometers and accompanying ENDEVCO Amplifiers were 
used. In order to avoid high frequency noise in an acceleration signal, which 
was considered to be of little engineering significance, either a built-in or 
an additional low-pass filter (DC to 100 Hz) was used to the amplifier. A 
± 1.0 g. calibration signal was generated by changing the principal axis of a 
gauge from the horizontal position to the vertical position. 
Relative displacements were measured between two points by differential 
transformers. Two A-shaped rigid steel frames were fastened to the earth-
quake simulator platform to provide a reference point. Displacement of 
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the test frames were measured with respect to the reference frames at four 
levels: top of the base girder and mid-heights of the three beams. Two DC-
type differential transformers tHewlett-Packard Co.) with ± 0.25 in. travel 
limit were used with DC amplifiers on the base girder of two frames. AC-type 
~ 
differential transformers (Schaevitz Engineering Inc.) with ± 3.0 in. travel 
limit were used at the three beam levels of each test frame. 
Calibrati~n signals were generated by using a 0.25 in. metal block gauge 
for a DC-type differential transformer, and by using a 1.0 in. metal block 
gauge for an AC-type differential transformer. Linear response between dis-
tance and the gauge output was checked within the operating range. 
Data were reduced in the same way as the previous series of tests 
(Otani and Sozen, 1972). All signals were recorded on 2 14-channel FM tape 
recorders, and digitized at every 0.002 sec. by the Data Acquisition system 
in the Department of Civil Engineering, University of Illinois at Urbana-
Champaign. In order to synchronize various records, an earthquake input 
record was recorded on the two tape recorders as references. 
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APPENDIX 0 
LINEAR SYSTEM TRANSFER FUNCTION THEORY 
A method to evaluate an apparent damping factor from observed accelera-
tion respoRse waveforms was presented by G.C. Hart and R. Vasudevan (1975). 
The method uses the linear system-transfer function theory, and is summarized 
in this appendix. The same method can be used to determine an apparent mode 
shape if the acceleration waveforms are available. 
Assumptions: The linear system transfer function theory is based on 
the following assumptions: 
(a) The stiffness and mass properties of a structure did not change 
appreciably during the excitation. 
(b) The structural response could be decomposed into components of 
uncoupled normal modes of oscillation. 
(c) The structure stood on a rigid foundation. 
(d) Horizontal response of the structure due to horizontal base motion 
was considered. 
(e) The structure was motionless at the beginning and end of the record 
analyzed. 
(f) The modal interference was negligible at a natural frequency of 
the structure. 
Procedure: The method to estimate the amount of damping in a structure 
from the observed translational base and response acceleration signals is 
outlinp.d below: 
(a) Fourier moduli of the base and response acceleration signals were 
computed using the Cooley-Turkey Fast Fourier Transformer (FFT) computer 
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algorithm. For example, the first level response acceleration and base 
acceleration waveforms of Test Fl-1 are shown in Fig. 0.1. The duration of 
the signals was taken from -1.54 sec. to 14.84 sec. on the time axis shown 
in Figs. 4.6 through 4.9 of the frame structures, or in Figs. 5.6 through 
5.11 of the shear wall-frame structures. The duration was chosen to satisfy 
assumption (e) above. The total number of data points per signal was 8192 
(= 213 ). 
The Fourier moduli were then smoothed by the following algorithm: 
X. 
1 
= (X. + 4X. + 6X. + 4X.+ + X.+·)/16 
1-2 1-1 1 1 1 1 2 
in which Xi is an absolute amplitude of i-th Fourier modulus; i.e., 
X. 
1 
= 
II 
X(t) 
T = t - t 
1 0 
II 
2 · 2 
• 17r t dt sln -
T 
X(t): absolute acceleration at time t. 
(D. 1 ) 
(0.2) 
Figure D.2 shows the Fourier moduli of the first level and the base accelera-
tion signals of test run Fl-1. 
(b) Ratio R(f) of the smoothed Fourier moduli of the response accelera-
tion signals to that of the base acceleration signal was computed at each cor-
responding frequency f. The transfer function R(f) is shown in Fig. 0.3 for 
the Fourier moduli shown in Fig. 0.2. The transfer function shows distinct 
peaks at approximately 2.6, 9 and 15 Hz. corresponding to the first, second 
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and third mode oscillation. The transfer functions can be defined for the 
first-, second-, and third-level acceleration signals with respect to the 
base acceleration signal. The three-level transfer functions are plotted 
for the four specimens Fl, F2, Sl and S2 in Figs. D.4 through D.7. Note 
that the transfer functions peak at the same frequency. 
(c) An apparent first mode frequency f was found as a peak frequency 
1 
of the base - j -th 1 eve 1 trans fer funct ion R. (f).' A fi rst-mode dampi ng 
J 
factor 1\ and mode shape~. are related to the transfer function R.(f ) at J 1 ' J 1 
the apparent first mode frequency as follows: 
(D.3) 
in which 
~\ = first mode damping factor; 
~jl = amplitude of the first mode shape at j-th level; 
Y
1 
= first mode participation factor. 
If it is assumed that a modal damping factor is unique and common at any 
level, the amplitude ~jl of the first-mode shape can be determined as: 
= j = 1,2,3 (D.4) 
The participation factor Y1 was determined for {~1l' ~21 ' ~31} thus obtained, 
and the damping factor ~\ was estimated by Eq. (D.3). 
Hart and Vasudevan (1975) suggested to use the mode shape calculated on 
the basis of estimated stiffness and mass of the structure since only the 
roof-level acceleration signal was available for their study. In the earth-
quake simulator tests, it is possible to obtain the response signals at any 
level, hence the mode shape can be also defined from the experiment. 
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